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Preface

It is now more than 30 years since the publication of the first edition of Surveying for
Engineers, and in that time the equipment and techniques used in engineering sur-
veying have undergone incredible changes. Electronic theodolites and total stations,
digital levels, laser scanners and machine control systems, to name just a few, were all
unheard of when the first edition was published in 1978, which by pure coincidence
was the same year that the first GPS satellite was launched. Since then the discipline
into which engineering surveying falls has developed almost beyond recognition,
having even been given a new identity with the name of Geomatics. There can be few
disciplines that have changed so quickly and dramatically. Subsequent editions of
Surveying for Engineers have always tried to reflect this evolution and this new fifth
edition is no exception.

Satellite surveying systems continue to have a major influence on engineering sur-
veying and, to reflect this, recent developments in Global Navigation Satellite Sys-
tems (GNSS), particularly the introduction of network RTK and OS Net, have been
included. In addition, the latest survey instruments, methods and digital technolo-
gies are covered, including image processing with total stations and laser scanners,
developments in data processing and integration as well as updates on Ordnance Sur-
vey mapping products. New topics include techniques for locating underground ser-
vices and the use of Earth observation satellites for mapping in civil engineering and
construction.

However, alongside all of the sophisticated equipment currently available, funda-
mental topics such as levelling, measurement of angles, measuring distances using
tapes and how to carry out traversing and compute coordinates are still covered in
some detail, as they are still as relevant on site today as they were in 1978, as are the
calculations required for curves, areas and volumes, which have also been retained.
This mix of modern and well-established techniques is one of the enduring features
of Surveying for Engineers in that it not only covers the basic skills required on site but
also gives details of the latest technologies available. This edition also continues the
theme introduced in the previous one of making extensive use of Internet resources
throughout and it is hoped that the adoption of a new page format and layout will
further enhance the appeal of this classic surveying textbook to students and
practitioners alike.

As with all previous editions, the fifth edition of Surveying for Engineers has been
written with civil engineering, building and construction students in mind.
However, it will also be found useful by any other students who undertake surveying
as an elective subject and it is anticipated that practising engineers and those
engaged in site surveying and construction will use Surveying for Engineers as a
reference text.

John Uren and Bill Price
February 2010
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S, Introduction

/
Aims

After studying this chapter you should be able to:
® Define what surveying is and what its various disciplines are

® Explain that engineering surveying is that part of surveying used mostly
for civil engineering, building and construction projects

® State the main purposes of engineering surveying

® Discuss the reasons why the terms geospatial engineering and geomatics
have been introduced to describe the activities of surveyors

® Describe, in outline, the methods by which engineering surveying is
carried out and the equipment and methods that are used for this

® Give reasons why engineering surveyors now play a major role in data
management for engineering projects

® Recognise those areas of surveying that will develop in the near future
and appreciate why engineering surveyors have an important part to
play in this

® Obtain information about surveying from a variety of sources, including
the main institutions that promote surveying

This chapter contains the following sections:

1.1 Engineering Surveying

1.2 Survey institutions and organisations
Exercises

Further reading and sources of information

19
23
24
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1.1 Engineering surveying

After studying this section you should be able to explain what geospatial engineering
and geomatics are and why these terms have been introduced. You should be aware
that engineering surveying is used extensively in building and construction, but that
this can also involve many specialist areas of surveying. You should have an outline
knowledge of the equipment and methods used in engineering surveys and have
some appreciation of the way in which these are expected to develop. You should
also have a clear idea of the aims of this book.
This section includes the following topics:

® [ngineering surveying, geospatial engineering or geomatics?
® What is engineering surveying?

® How are engineering surveys carried out?

® What will be the role of engineering surveyors in future?

® What are the aims of this book?

Engineering surveying, geospatial engineering or geomatics?

To many, the traditional role of a surveyor has been to determine the position of fea-
tures in both the natural and built environment on or below the surface of the Earth
and to represent these on a map. Even though this view of surveying is still true in
some respects, in an age when the acquisition, processing and presentation of data
are paramount, surveyors today will be familiar with many different methods for col-
lecting spatial data about the Earth and its environment, they will be able to process
this data in various formats and they will be able to present this in an assortment of
media.

Although this gives an idea of what contemporary surveying is, to the majority of
engineers working on construction sites surveying is the process of measuring angles,
distances and heights to help in the design and construction of civil engineering pro-
jects. This gives rise to the term engineering surveying, which is defined as any survey
work carried out in connection with construction and building. This also involves all of the
different methods of data acquisition, processing and presentation now available in
surveying. Engineering surveying is one of the most important areas of expertise in
surveying and to reflect this, it is the main subject of this book.

Many on site think that engineering surveying is a labour-intensive method that
uses old-fashioned instruments for taking measurements and requires never-ending
calculations to be done. Although theodolites, levels and tapes are still used and engi-
neering surveying will always require some calculations to be done on site, the way in
which surveys are carried out for civil engineering and construction projects has
been transformed in recent years. For example, most measurements of distance, an-
gle and height are now recorded and processed electronically using total stations and
digital levels similar to those shown in Figure 1.1. Global Navigation Satellite Systems
(GNSS) are in everyday use, and airborne technologies such as LiDAR (Light Detec-
tion and Ranging) are used by engineers for mapping as well as laser scanners. These
are shown in Figure 1.2.



Total station Digital level

Figure 1.1 ® Total station and digital level (courtesy Phoenix Surveying Equipment Ltd
and Trimble & KOREC Group).

The large amounts of data that can be collected by these measuring systems are eas-
ily processed by computers that are capable of handling data and performing calcula-
tions in a fraction of the time taken to do this a few years ago. Another benefit of the
digital age in data recording and processing is that data can be transmitted between
instrument and office using a mobile phone or WiFi to connect to the Internet.

Not surprisingly, all of these new technologies have resulted in some changes to
the way in which engineering surveying is carried out. Up till now, the main pur-
poses of engineering surveying have been to supply the survey data required for pre-
paring maps and plans for site surveys, together with all aspects of dimensional
control and setting out on site. However, even though these are still relevant, there is
now much more emphasis on providing survey data and managing this for both
engineering and built environments.

With all these developments in mind, one of the institutions that regulates the ac-
tivities of surveyors working in civil engineering in the UK, the Chartered Institution
of Civil Engineering Surveyors (the ICES), has introduced the term geospatial engineer-
ing to reflect the changes in the way in which survey data is collected and processed
for civil engineering projects today. For example, in addition to the traditional activi-
ties associated with engineering surveys, geospatial engineers may also be involved in
specialist areas such as photogrammetry, remote sensing and geographic informa-
tion systems, as well as cartography and visualisation. It is the addition of these to the
engineering surveyor’s role and the change of emphasis towards information man-
agement that has given rise to the term geospatial engineer.

Another institution that regulates surveying in the UK is the Royal Institution of
Chartered Surveyors (the RICS). It takes a much broader view of surveying, which is
organised into professional groups covering areas ranging from arts and antiques to
valuation. The professional group that is responsible for land surveying is known as
the geomatics professional group.

Geomatics is the word that is used to describe surveying as it is today and not only
covers the traditional work of the surveyor in mapping and on site but also reflects

Introduction
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LiDAR survey of railway

Laser scanner
Figure 1.2 ® GNSS, LiDAR and laser scanner technology in surveying (courtesy Trimble &
KOREC Group, Fugro Inpark and Leica Geosystems).

the changing role of the surveyor in data management. As discussed above, this has
arisen because of the advances made in surveying, which make it possible to collect,
process and display large amounts of spatial data with relative ease using digital tech-
nology. This in turn has created an enormous demand for this data from a wide vari-
ety of sources: for all of these, data is collected and processed by a computer in a
Geographical Information System (GIS). These are databases that can integrate the
spatial data provided by surveyors with environmental, geographic and social infor-
mation layers (see Figure 1.3) which can be combined, processed and displayed in
any format according to the needs of the end user. Without any doubt, the most im-
portant part of a GIS is the spatial data on which all other information is based, and
the provision of this has been a huge growth area in surveying. Because of the differ-
ent emphasis in surveying and other advances made in instrumentation for data col-



Figure 1.3 @ Layers in a GIS (courtesy Leica Geosystems).

lection and processing, it is now felt that a change of name from surveying to
geomatics reflects the nature of the profession as practised today in the same way that
geospatial engineering describes surveying in a construction environment. Through-
out Surveying for Engineers the term surveying will continue to be used, but the use of
the term geomatics to replace this is noted here.

Bearing in mind the reasons for the use of geomatics in surveying, the geomatics
professional group of the RICS gives the following definition:

Geomatics is the science and study of spatially related information and is particularly
concerned with the collection, manipulation and presentation of the natural, social and
economic geography of the natural and built environments.

Within the professional group, engineering surveys and geodesy are identified as
specialist areas, but others such as mapping, GIS, photogrammetry and remote
sensing, together with spatial data capture and presentation, are also included.

What is engineering surveying?

Both the ICES and RICS include engineering surveying in their definitions of
geospatial engineering and geomatics. Taking the ICES definition, geospatial
engineers and engineering surveyors can be responsible for:

® [ocating the best positions for the construction of bridges, tunnels, roads and
other structures

® Producing up-to-date maps and plans
® Setting out a site, so that a structure is built to scale and in the right place
® Monitoring the construction process

® Providing control points so that future movement of structures, such as dams and
bridges, can be monitored

Both institutions also identify some of the other types of survey that might be used
on civil engineering projects as the following:

Introduction
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Figure 1.4 ® Photogrammetric soft copy workstation (courtesy Fugro-BKS).

® Hydrographic surveying. This is surveying in a marine environment where the

traditional role for centuries was to map the coastlines and sea bed to produce
navigational charts. More recently, many hydrographic surveys have been carried
out for offshore oil and gas exploration and production. Hydrographic surveys are
also used in the design, construction and maintenance of harbours, inland water
routes, river and sea defences, flood plain mapping, in control of pollution and in
scientific studies of the ocean.

Photogrammetry. This is the technique of acquiring measurements from
photographic images. The use of this in topographic mapping for engineering is
well established and is carried out today using digital aerial photography and
computers with a high-resolution display in a soft copy workstation similar to that
shown in Figure 1.4. The photographs are taken with special cameras mounted in
fixed wing aircraft or helicopters. Because it is non-contact, photogrammetry is
particularly useful in hazardous situations. Another of its advantages is that it
produces data in a digital format, which makes it ideal for use in GIS and CAD.

® Remote sensing. This technique is closely allied to photogrammetry because it also

uses imagery to collect information about the ground surface without coming into
contact with it. Remote sensing can be carried out for engineering projects using
satellite imagery, spectral imaging (in which different colour images are analysed)
and, more recently, with airborne platforms such as LiDAR and IFSAR.

Geographical Information Systems (GISs). These are computer-based systems which
allow spatial information to be stored and integrated with many other different
types of data. As far as geospatial engineering and geomatics are concerned, they
involve obtaining, compiling, input and manipulation of geographic and related
data and the presentation of this in ways and formats specifically required by a
user.

Cartography and visualisation. This is the art and technique of making maps, plans
and charts accurately and representing three dimensions on a variety of media.



Figure 1.5 ® Computer visualisation produced from survey data (courtesy AiC).

Cartography and map making can be considered to be the traditional role of the
surveyor, and anyone who uses a map to find their way round town or countryside
is using information gathered and presented by surveyors. Compared to this,
visualisation is a new technology that uses spatial data to show computer
generated views of landscapes, as shown in Figure 1.5. These could be used for
preparing environmental impact assessments.

As can be seen, engineering surveying involves a number of specialist areas, all of
which will overlap from time to time. Although geospatial engineering and
geomatics encompass these, this book concentrates on engineering surveying.
Guidance on how to obtain information on the other specialist areas in geospatial
engineering and geomatics is given at the end of this chapter.

How are engineering surveys carried out?

Recalling the bullet points given above for the responsibilities of geospatial engineers
and engineering surveyors, an engineering survey usually begins by undertaking a
control survey to establish a control network on which the subsequent mapping and
setting out can be based. Control surveys, mapping and setting out all require mod-
ern surveying equipment and data collection, communication and processing hard-
ware and software; ideally combined into a seamless field-to-finish integrated
surveying system. An introduction to all of these is given in this section.

Control surveys

All types of engineering survey are based on control networks which consist of a se-
ries of fixed points located throughout a site whose positions are determined on
some coordinate system. The process of measuring and defining the positions of the
points is known as a control survey.

Introduction
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8 Surveying for engineers

Many different methods can be used to carry out a control survey for construction
work.

® For small sites, a control survey is often based on local horizontal control, as points
on a two-dimensional horizontal plane which covers the site, and vertical control,
which is the third dimension added to the chosen horizontal datum. In these
control surveys, horizontal angles and distances are measured for horizontal
control and vertical angles and distances for vertical control.

This type of control survey falls within the category of plane surveying, in which a
flat horizontal surface is used to define the local shape of the Earth (ignoring its
curvature) with the vertical always taken to be perpendicular to this. The reason for
adopting a flat rather than curved surface for surveying is to simplify the calcula-
tion of horizontal position by plane trigonometry. Heights are easily defined to be
vertically above (or below) a chosen horizontal datum, but they can be related to
mean sea level.

Data for local control surveys of this type can be obtained and processed by a va-
riety of methods. For example, a total station can be used to observe horizontal
control in the form of a traverse, with levelling providing the vertical control. Al-
ternatively, a three-dimensional traverse can also be measured. The field and office
procedures used in this type of control survey are described in several chapters of
Surveying for Engineers, from Chapter 2 Levelling through to Chapter 6 Traversing
and coordinate calculations.

® For large sites, there comes a point in a control survey when the assumptions
made in plane surveying are no longer valid and the curvature of the Earth has to
be accounted for. This limit occurs when a site is greater than 10-15 km in extent
in any direction. The type of surveying that accounts for the shape of the Earth is
known as geodetic surveying and geodetic coordinates are used to define the
positions of control points for projects that cover very large areas.

The positions of control points for geodetic surveys are obtained using methods
based on GNSS (Global Navigation Satellite Systems). A GNSS receiver determines
position using data transmitted from orbiting satellites, initially in a three-dimen-
sional space-related satellite coordinate system. Using well-established formulae,
the satellite position is transformed into a three-dimensional geocentric coordi-
nate system physically related to the Earth. Again using well-established formulae,
the geocentric coordinates are then transformed into three-dimensional geodetic
coordinates based on a global or regional datum and assumed shape of the Earth.
Although this appears to be a complicated process, GNSS receivers and computers
are capable of performing all the necessary measurements and calculations to de-
termine position for geodetic surveys. As a result, satellite surveying systems have
provided a practical solution to the problem of determining the positions of
control points over large areas, and methods based on GNSS are used extensively
for providing geodetic survey control.

® Map projections and national coordinates. The coordinates of points in a
geodetic control survey are defined very differently from those in plane surveying
because they are based on a curved surface and are three-dimensional rather than
having different horizontal and vertical components. Compared to plane
coordinates and heights, geodetic coordinates are difficult to use in everyday tasks
in surveying, and it is always more convenient to try to use plane coordinates and



separate heights based on mean sea level, even for projects that cover large areas.
To be able to use plane coordinates over a large area and account for Earth
curvature requires a two-dimensional map projection to represent the three-
dimensional shape of the Earth. Once a map projection is defined, it is possible to
convert geodetic coordinates into plane coordinates. To be able to use heights over
a large area, a geoid model is used to convert geodetic coordinates into heights based
on mean sea level. In this way, it is possible to have position defined for large areas
in the same way as for plane surveys, with all the advantages this has.

Most countries around the world have an organisation known as a mapping
agency that is responsible for producing maps and other geographical data for that
country. In Great Britain, the Ordnance Survey is the national mapping agency. In
order to produce maps and topographical data, a network of geodetic control
points must be set up by the national mapping agency around the country. These
are used to define a map projection of some sort on which horizontal position for
maps and other spatial data is based for that country. They are also used to estab-
lish a vertical datum together with a geoid model for defining mean sea level
heights for that country. Horizontal coordinates and heights defined in this way
are known as national coordinates.

Many national mapping agencies have also established a network of control
points across a country which have permanent GNSS reference receivers located at
them with known geodetic coordinates. They have also produced special software
for transforming geodetic coordinates obtained from satellite observations directly
into national coordinates. By using these networks and the transformation soft-
ware, national coordinates can be obtained very easily in real time using a single
GNSS receiver with an accuracy at the centimetre level, and a control survey can be
carried out for any site, large or small, using this method.

Because national coordinates can be obtained relatively easily using satellite sur-
veying systems and receivers, they are used for many construction projects. Al-
though they may not be suitable for all sites, some of the advantages of national
coordinates are that control points can be established and replaced with ease, the
coordinates used on one project will be related to others using national coordi-
nates (this is important for major infrastructure work), and off-the-shelf products
(most of which are based on national coordinates) can be used to provide mapping
and other data for the project.

Some large civil engineering projects have a customised map projection and
geoid model. Position is defined for these by establishing geodetic control
throughout the site with GNSS, and by using this to design an individual map
projection and geoid model. Although GNSS methods can be used to provide
national or project-based control for very large construction projects, it is also
possible to use satellite systems to provide control for small sites. To do this, a GNSS
receiver and computer are used to determine the geodetic coordinates of the
control points and a user derives their own transformations for converting these
directly into site coordinates.

A description of satellite surveying systems and how they are used in engineer-
ing surveying are given in Chapter 7 Global Navigation Satellite Systems. Geodesy,
geodetic coordinates, national coordinates and how these are defined and ob-
tained by GNSS methods are discussed in Chapter 8 National coordinates and trans-
formations.

Introduction
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Mapping and setting out

Following a control survey, the next stage in an engineering survey is to produce
scale plans and other data to describe a site: the process for this is called mapping,
topographic surveying or detail surveying. After this, and when the design for the project
is complete, construction begins, which involves the next stage in an engineering
survey known as setting out.

® Detail surveys and graphical data. Control points are usually established at the
start of a construction project so that a detail survey can be prepared to produce
maps, plans and 3D visualisations of the site. For small to medium-sized sites, the
control points are used as reference points from which measurements are taken
with total stations, GNSS receivers and laser scanners to locate the features to be
modelled. Figure 1.6 shows a detail survey being carried out with a total station
and subsequent data processing in the office. Without a detail survey of some sort,
a construction project could not proceed. For large projects, photogrammetry and
remote sensing techniques are used for data capture, but for smaller projects,
ground methods using total stations, GNSS receivers and laser scanners are more
cost-effective. Whatever method is used for data capture in a detail survey, it is all
processed by computer to produce a digital map, database or 3D deliverable of
some sort, which can then be exported to a CAD system for use by the construction
design team. As well as producing maps and other deliverables, a Digital Terrain
Model (DTM) is often produced for construction projects which is a three-
dimensional representation or model of the natural ground surface (as shown in
Figure 1.7) stored as XYZ coordinates in a computer. This is used to generate a
design surface for a project which can be uploaded or transmitted to survey
instruments ready for use on site.

In Surveying for Engineers, the methods and equipment used for producing maps
and other spatial data are described in Chapter 10 Detail surveying and mapping. This
also includes information on mapping products obtained using photogrammetry
and remote sensing.

® Setting out. The second application for control points in construction is for
setting out. Sometimes called dimensional control, this is the surveying carried out

Figure 1.6 ® Detail survey by total station with computer processing (courtesy Leica
Geosystems).
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Figure 1.7 @ Digital terrain model (courtesy AiC).

to establish all the pegs, lines and levels needed for construction purposes. It can
vary from the measurement of angles and distances by electronic theodolite and
tape to the most sophisticated machine control systems using GNSS and computer
visualisation as shown in Figure 1.8. For all of these, control points are needed

Grader with GNSS antennae mounted on blade Display unit in cab

Figure 1.8 ® Setting out by theodolite and tape in comparison to machine control by
GNSS (courtesy Leica Geosystems, Trimble & KOREC Group and Topcon).
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from which to take measurements to locate construction elements or to guide a
machine control system.

To reflect the importance of this in engineering surveying, Chapter 11 Setting out is
the largest chapter in Surveying for Engineers.

Modern survey equipment

Although traditional theodolites, levels and tapes are still used on site, many instru-
ments and systems are now available for engineering surveys.

These include total stations which are capable of measuring angles and distances
with a high degree of precision in a single instrument. Today, these are high-perfor-
mance opto-electrical instruments with many different measuring functions built
into them. They can be used with data recorders, field computers and controllers to
read, store and edit data on site and can use the latest wireless technology for data
transfer. The latest generation of total stations have scanning and imaging technol-
ogy built into them. Total stations are described in Chapter 5 of Surveying for Engi-
neers. The digital level (see Section 2.2 Levelling equipment) is a similar instrument, but
this reads and records height information by using digital image-processing
techniques.

The equipment that has had the biggest impact on engineering surveying in recent
years are satellite positioning systems. The Global Positioning System (GPS) was the
first of these to be developed, but as there are more systems available and planned,
the term Global Navigation Satellite Systems (GNSS) is now used to describe these.
GNSS devices are familiar to most people as something they might use in their cars
for navigation or for map reading when out walking. However, GNSS receivers are
used extensively in surveying for control surveys, mapping, setting out and in GIS.
With GNSS, it is possible to obtain three-dimensional position at any time anywhere
with an accuracy at the metre level for GIS, but at the centimetre level for control sur-
veys and setting out. GNSS and their applications in engineering surveying are de-
scribed in Chapters 7 and 8 of Surveying for Engineers.

Although photogrammetry using film-based cameras and analytical plotters has
been in use for a long time, a development that has revolutionised this is the use of
digital cameras and plotters. Digital photogrammetry uses workstations for mapping in
which digital images are displayed on a computer screen. These are integrated hard-
ware and software systems for photogrammetric processing, data capture and analy-
sis of softcopy images. They are particularly suitable for generating digital terrain
models, orthophotography and perspective views for visualisation. Digital
orthophotos look like conventional aerial photographs, but they have the accuracy of
a map. These are used extensively for GIS and in engineering to create fly-throughs
and for showing as-built images at the design stage of a project.

Even though photogrammetry is still the preferred method for producing digital
terrain models of large areas, other emerging technologies are challenging this. These
include LiDAR and IFSAR (InterFerometric Synthetic Aperture Radar). LIDAR involves
measuring the time it takes laser pulses to travel from an aircraft to the ground and
back to determine elevation data. This is capable of capturing data at very fast rates at
sub-metre accuracies. In contrast, IFSAR uses radar imagery obtained from an aircraft
for producing terrain data. Both of these technologies have the advantage of being
remote sensing techniques.



Another technology that is used extensively in engineering surveys is laser scan-
ning. These instruments use a rotating laser distance and angle measuring system to
automatically record the three-dimensional coordinates of the surface of an object.
They are very good for producing as-built CAD models of complex structures, for cal-
culating areas and volumes and for generating images for 3D visualisations. Being a
non-contact method of measurement, laser scanners can be used in areas where
access is difficult or restricted for safety reasons.

Photogrammetry, remote sensing techniques and laser scanners are described in
Chapter 10 of Surveying for Engineers.

Data collection, computers and communications

For many surveying applications, data collection using pencil and paper is a thing of
the past, and a number of different methods of recording data electronically have
evolved to replace these. Today, data collectors and controllers (as shown in Figure
1.9) have replaced pencil and paper: these are connected to a survey instrument and
then programmed to ask the operator to record data and perform calculations. Field
computers are also available and these are laptop computers adapted to survey data
collection. Data collectors, controllers and field computers are interactive devices,
but data can also be stored on memory cards which are plugged into an instrument.
These are similar to the compact flash cards used in digital cameras and most survey
instruments will also have an internal memory capable of bulk storage. All of these
methods enable large amounts of data to be stored easily, and without these, most of
the new surveying technologies would not be possible. For example, GNSS, laser
scanning and airborne terrain modelling all rely on enormous amounts of data being
collected and stored at very fast rates.

Advanced handheld or onboard computer technology makes it possible for survey-
ors to have as much computing power on site as in the office and it provides the hard-
ware needed to run the sophisticated applications and data collecting software now
available. The hardware platform often used is the Windows CE operating system mar-
keted by Microsoft. This provides a single platform from which it is possible to run sev-
eral software applications programs and it allows different instruments to be used with
the same data collector. Windows CE also provides Internet access on site. This makes

Figure 1.9 ® Data collectors for surveying (courtesy Trimble & KOREC Group and Phoenix
Surveying Equipment Ltd).
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Figure 1.10 ® Large graphics screen on total station (courtesy Pentax Industrial Instru-
ments Co Ltd).

it possible for data to be emailed to the office for further processing and it enables data
held in the office to be accessed (useful if this has been left behind and is needed on
site). Parallel developments in hardware and software have made it possible for systems
such as GNSS to be able to perform complex survey adjustments and compute coordi-
nates in real time. These can then be used immediately for data collection in mapping
or, with design data already stored in an instrument, for setting out.

Many survey instruments and data collectors have large graphic screens that make
it possible for the data collected to be edited, checked and verified in real time before
it is stored or transmitted (see Figure 1.10). This is done in full colour using touch
screen technology.

Alongside these developments in data collection and storage, data communica-
tions have also improved dramatically in recent years. As mentioned above, with
Internet access, data can be sent or received from the office whilst surveying on site.
This has been made possible by improvements in mobile phone networks and with
WiFi access. The most recent development in data communication has been the in-
troduction of short-range systems, such as Bluetooth wireless technology, that make it
possible for a computer to have a keyboard, mouse and Internet connection without
using any cables. In surveying, wireless technology enables survey instruments and
data collectors to communicate with each other and transfer data at very high speeds,
also without using cables. This is especially useful for GNSS equipment, where a high-
speed cable-free data link between receiver and controller is essential, and for other
equipment when data is to be transferred between instruments away from the office.

Combining developments in surveying technology

Taking account of all the above, major advances have been made in surveying
technology in recent years in total stations, satellite and airborne surveying systems,
electronic data collection and data communication, as well as in applications and
CAD software. Putting all of these together, the trend in surveying is towards
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integrated surveying, a method of combining instruments and data first introduced by
Trimble. As shown in Figure 1.11, an integrated surveying system will be made up of
the following components, all of which will work together instead of separately:

® A surveying sensor (for example, total station, GNSS receiver, laser scanner)
® Data collection hardware and software

® Computer

® Data communications

® Processing and design software

In practical terms, integrated surveying means that all survey instruments
(sensors) will be interchangeable and the data flow across all surveying disciplines

Figure 1.11 @ Integrated surveying (courtesy Trimble & KOREC Group and General Dy-
namics Itronix).
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Figure 1.12 @ Transfer of data on site (courtesy Trimble & KOREC Group).

will be seamless. For example, the data for a control survey could be obtained using a
total station and then transferred on site through a data collector to a GNSS receiver
for mapping purposes (see Figure 1.12). Several instruments and systems may be
involved in collecting the data for a site survey, but each dataset will be stored in a
data collector. These are transferred to the system computer and combined by one
software application to produce a map or DTM. Based on this, the data generated by a
CAD system for a project design will be in a format compatible with all the
equipment and computer control systems used on site for setting out.

When predicting the future in specific areas for integrated surveying, it is expected
most sensor technology will continue to improve, especially laser scanning and those
based on airborne mapping technologies. Some marked changes to satellite survey-
ing systems are also planned with the introduction of the European and Chinese sys-
tems known as Galileo and Compass plus modifications to GPS signals. An area
where much development is expected is in wireless communications which will be-
come commonplace for survey instruments. For long-range data transfer, which is es-
pecially important for GNSS, data communication based on wireless mobile (cellular)
phone technology will become increasingly important. Because of the capability of
most survey sensors to produce huge amounts of data, data integration is an area in
which improvements are being planned and it is expected that an industry standard
will be introduced allowing data to be transferred between the software supplied by
different manufacturers. Proper data integration will enable surveyors and engineers
to combine all kinds of information without experiencing complicated conversions
and data loss. Another area where data integration will play an important role is in
the upgrading of the spatial data in existing geographic information systems.

What will be the role of engineering surveyors in future?

During the construction phase of a project, most time in engineering surveying is de-
voted to setting out. This is the practical application of routine surveying techniques
to construction and requires a knowledge and understanding of these.



Even though site surveying can involve using the most high-tech systems, the abil-
ity to observe and measure angles, distances and heights using fairly basic equipment
and methods will always be required on site and all those engaged in engineering sur-
veying must be able to use a conventional theodolite for measuring angles, or be able
to use a steel tape for measuring distances and should be able to determine heights by
levelling. The ability to use a calculator to process these observations by hand is also
required.

Even though setting out could be carried out using theodolite and tape, the most
sophisticated GNSS receiver and software might be used. Data could be calculated
and recorded by hand in field books or by using a state-of-the-art field computer. One
of the responsibilities of surveyors and engineers involved in setting out is to choose
the right equipment for the job from the array of instruments and systems currently
available. For some sites, theodolites, levels and tapes are quite sufficient, but as the
work becomes larger and more complex, total stations, GNSS receivers and laser-
based instruments may be more appropriate. When accuracy is important, the choice
of equipment and methods used for setting out is crucial. All of this requires those en-
gaged in setting out to have an understanding of the precision of the equipment and
methods they use and how this relates to quality control in building and
construction.

Beside the role of providing data on site for control surveys, mapping and the ex-
pertise required for setting out, engineering surveyors will be involved in all the de-
velopments currently taking place to improve information management. Surveying
equipment and methods can generate large amounts of data and an important area
for surveyors and engineers is in organising and using this in the most efficient way —
for example, the trend in detail surveys is to produce graphical 3D images of a site as
well as traditional 2D plans. Implementing surveying systems on site that give imme-
diate access to a wide variety of information about a job (for example control point
data and descriptions, drawings and documents, project files and so on), that enable
data to be processed whilst on site and allow immediate updates or design changes to
be sent from the office to the site is essential to good information management. The
ultimate aims here are to enable everyone working on a construction project to have
access to all the information needed on site to make use of control surveys, to record
and process data for mapping and for setting out, design and quality control. This
will only be possible when proper real-time data infrastructures have been developed.
When these systems are finally on line, engineering surveyors will become data man-
agers overseeing the seamless transfer of data between site and office from the start to
the finish of a construction project.

What are the aims of this book?

As can be seen, engineering surveyors are expected to combine the traditional meth-
ods used on site with new IT-based technologies. This requires a wider range of expe-
rience and ability than was needed in the past. Consequently, the main aims of
Surveying for Engineers are not only to provide a thorough grounding in the basic sur-
veying techniques required in civil engineering but also to make the reader aware of
developments in engineering surveying technology and their impact. As noted ear-
lier, the text concentrates on plane surveying because this is the norm for most engi-
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neering projects. However, some of the concepts of geodetic surveying are
introduced to help the understanding of satellite surveying systems.

Since engineers use surveying as a means by which they can carry out their work,
there is a limit to the surveying knowledge required by them beyond which specialist
surveyors should be consulted to deal with unusual and complicated problems. An-
other aim of this book is to set this limit so that an engineer knows when to call in the
specialist.

Although the methods involved in engineering surveying can be studied in text-
books, such is the practical nature of the subject that no amount of reading will turn
a student into a competent engineering surveyor. Only by combining training and
some hands-on surveying with a textbook such as Surveying for Engineers will a stu-
dent become a useful engineering surveyor.

Reflective summary W%E

S
With reference to engineering surveying, remember:

— Engineering surveying describes any survey work carried out in connection with
civil engineering and building projects.

— Because most civil engineering projects are complex, it would not be possible to
construct these to the required specifications and costs today without the experi-
ence and knowledge provided by engineering surveyors.

— The traditional role of the engineering surveyor has been to provide the survey
data required for producing site plans and to provide the expertise required on
site for all dimensional control (setting out, measurement of quantities, monitor-
ing and so on).

— Nowadays, the engineering surveyor’s responsibilities have changed and as well
as their traditional role, they are seen to be data managers that oversee the con-
tinuous acquisition, processing and transfer of data between site and office.

— Because of the changing role of engineering surveyors, they are now expected to
have some knowledge of other specialist areas in surveying such as geodesy,
photogrammetry, remote sensing, terrain modelling and visualisation, GIS and
spatial data management.

— Engineering surveys are now carried out using a wide range of equipment and
methods. It is the engineering surveyor’s responsibility to be aware of these and
to know which instrument or method is best suited to each task on site.

— Surveying technology is changing at a very fast rate — another responsibility of the
engineering surveyor and site engineer is to keep up-to-date with this.

— To become a competent engineering surveyor, it necessary to acquire some prac-
tical experience on site — no amount of reading and study will achieve this.

— Although Surveying for Engineers is a textbook mostly concerned with engineering
surveying, introductions to other specialist areas of surveying are included where
appropriate.




1.2 Survey institutions and organisations

After studying this section you should be aware that there are many national and in-
ternational institutions and organisations promoting surveying all of which provide
high-quality sources of information through publications and the Internet.

This section includes the following topics:

® The Royal Institution of Chartered Surveyors (RICS)

® The Chartered Institution of Civil Engineering Surveyors (ICES)
® The Ordnance Survey

® The International Federation of Surveyors (FIG)

® Other UK organisations

® International survey organisations

The Royal Institution of Chartered Surveyors (RICS)

This is the largest and oldest of the UK institutions that endorse surveying and has
110,000 members in 120 countries. The main aims of the RICS are to promote the
knowledge and skills of its members and the services they offer, to maintain high stan-
dards of professional conduct and to ensure the continuing development of surveyors.

To represent the many specialist areas in surveying, the RICS is currently organised
into 17 professional groups. Each one of these has the responsibility for promoting,
reviewing and updating the educational, training and professional standards of their
group. They also play a significant role in providing information by sponsoring re-
search and by organising seminars and conferences. One of their most important
roles is to monitor the quality of the profession by making sure members follow RICS
codes of practice.

Some of the professional groups that are related to engineering surveying include
Building Surveying, Quantity Surveying and Construction, Environment, Minerals
and Waste, Planning and Development, Project Management and, of course, the
Geomatics professional group mentioned earlier.

The Geomatics professional group itself identifies many areas of specialist know-
ledge in surveying and those that involve engineering surveying include:

® Land and hydrographic surveying

® Mapping and positioning

® Global and local navigation systems

® Geographical information science

® Cartography

® Photogrammetry and remote sensing

® Spatial data and metadata management, interpretation and manipulation
® Land, coastal and marine information management

® QOcean bed and resource surveys
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As well as promoting surveying worldwide, the RICS has a library and also
publishes promotional material, guidelines and a number of journals. One of the
more important of these is Geomatics World, which is a bi-monthly journal published
for the RICS that includes articles, technical advice, reports on seminars, lectures and
conferences, book reviews and information on forthcoming events in surveying and
mapping. A lot of information about the RICS is now available on their web site at
http://www.rics.org/. The primary source of information on geomatics is the
professional group web site based at http://www.rics.org/geomaticspg/.

The Mapping and Positioning Practice Panel (MAPPP) of the Geomatics professional
group is responsible for the production of RICS guidance notes, practice statements,
client guides and information papers. Some of these are available to download free of
charge at http://www.rics.org/mappp/. Several guidance notes are referenced in rele-
vant chapters in Surveying for Engineers.

The Chartered Institution of Civil Engineering Surveyors (ICES)

Founded in the UK in 1969 as the Association of Surveyors in Civil Engineering, the
ICES was formed from this in 1972. It was granted its royal charter in March 2009.
This is a professional institution representing those employed as quantity and land
surveyors in geospatial engineering and commercial management in the civil engi-
neering industry. The Geospatial Engineering Practices Committee (GEPC) of the institu-
tion aims to support, encourage, regulate and promote the interests of all its
members and to support the profession by encouraging research, education and
training.

In 1992, the ICES became an Associated Institution of the Institution of Civil Engi-
neers (ICE) and formed the Geospatial Engineering Board (GEB) with them. The GEB
aims to publicise engineering surveying knowledge and expertise within civil engi-
neering in collaboration with the ICE through seminars and publications. One of the
most important of these is the ICE design and practice guide The management of set-
ting out in construction, which was published by the Joint Engineering Survey Board
(which is now the GEB) in 1997. This guide is referred to throughout Surveying for En-
gineers. The ICES is also a full member of FIG (see later in this section).

Like the RICS, the ICES organises an extensive programme of meetings, work-
shops, lectures and conferences in order to promote surveying. In addition, they pub-
lish a journal with ten issues per year entitled the Civil Engineering Surveyor together
with annual reviews on electronic surveying and GIS which give information on the
latest geospatial technology and instrumentation.

The web site for the ICES is http://www.ices.org.uk/.

The Ordnance Survey

The Ordnance Survey is the national mapping agency responsible for the official, de-
finitive surveying and topographic mapping of Great Britain. As the importance of
geographical information systems increases, it is also responsible for maintaining
consistent national coverage of other geospatial datasets. The stated aim of the Ord-
nance Survey is to satisfy the national interest and customer need for accurate and
readily available geospatial data and maps of the whole of Great Britain in the most
effective and efficient way.



The Ordnance Survey is the most important source of geographic information in
Great Britain and this is provided in an extensive range of products. The most famil-
iar of these are paper maps such as the 1:50,000 Landranger and 1:25,000 Explorer
maps from their range of leisure products. In contrast, OS MasterMap is a definitive
digital map of Great Britain that has been produced for use with geographic informa-
tion systems and other spatial databases. This includes topographic information on
every landscape feature and represents a significant evolution from traditional car-
tography. Other products that are particularly useful in building and construction
are OS Sitemap and Landplan, which can be supplied on paper or in a digital format
at scales varying from 1:100 to 1:10,000.

All of the mapping products and services currently supplied by the Ordnance Sur-
vey are described in catalogues and other promotional literature as well as on their
web site at http://www.ordnancesurvey.co.uk/. They are also described in Chapter
10, which deals with detail surveying and mapping.

The Ordnance Survey’s GPS and Positioning Services are also described on their web
site (see http://www.ordnancesurvey.co.uk/oswebsite/gps/). According to the intro-
duction given by the Ordnance Survey, this part of their web site is an essential re-
source for the precise GPS (now GNSS) user in Great Britain and also contains useful
information for all users of GNSS, both recreational and professional. The Ordnance
Survey’s GNSS correction service, known as OS Net, is described in detail on the web
site and, through a partner organisation, a user can obtain real-time centimetre level
coordinates at most places in Great Britain by using OS Net. These coordinates will be
in the European standard GNSS coordinate system ETRS89 and can be converted to
British National Grid coordinates and heights above mean sea level (Newlyn datum)
by using Ordnance Survey high-precision transformation models. OS Net is de-
scribed in detail in Chapter 8, which explains how GNSS coordinates are obtained as
ETRS89 coordinates, what the Ordnance Survey National Grid and Newlyn datum
are and how GNSS coordinates are transformed to these.

Similar mapping and GNSS services to those offered by the Ordnance Survey in
Great Britain are also available for Northern Ireland through Land and Property Ser-
vices and from the Ordnance Survey Ireland (OSi). Their web sites are http://www.
lpsni.gov.uk/ and http://www.osi.ie/.

The International Federation of Surveyors (FIG)

The FIG (Fédération Internationale des Géometres) is a federation of national associa-
tions and is the only international body that represents all surveying disciplines. As a
non-governmental organisation, its main aim is to ensure that all who practise sur-
veying meet the needs of their clients. This aim is realised by promoting all aspects of
surveying and by encouraging the development of professional standards. What
makes the FIG different from all the institutions and organisations that deal with sur-
veying and geomatics, is that it carries out all of its activities through international
collaboration.

At present, the FIG is made up of ten commissions whose membership is drawn
from surveyors all over the world. The commission of most interest here is Commis-
sion 6: Engineering Surveys, but others dealing with Spatial Information Management,
Hydrography, Positioning and Measurement in addition to Construction Economics
and Management are also of interest in civil engineering. The members of each com-
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mission serve a four-year term during which they meet regularly in working groups.
These present their work through technical programmes and formal publications but
working groups are also responsible for organising seminars and conferences on tech-
nical and professional topics. A special remit of each commission is that they try to
assist the professional expansion of surveying in developing countries and those
going through an economic transition.

To make known its activities, the FIG produces newsletters, information leaflets
and a number of different publications, the most useful of which are the proceedings
of their various working weeks, seminars and conferences. The biggest of these is the
FIG Congress, which takes place once every four years.

For further information on the FIG, visit their web site on http://www.fig.net/.

Other UK organisations

® The Survey Association (TSA), is a trade association that brings together businesses
engaged in land and hydrographic surveying. Within the association, companies
benefit by having members available to advise them on the best way to collect,
interpret and apply spatial data.

In a similar manner to the MAPPP of the RICS, the TSA’s Technical Committee has
also produced a series of Guidance Notes on various topics in surveying ranging
from subjects such as digital orthophotography to terrestrial laser scanning. These
can be downloaded free of charge from the TSA web site. Some of these are referred
to in Surveying for Engineers and are referenced in relevant chapters.

Their web site is http://www.tsa-uk.org.uk/.

® The Remote Sensing and Photogrammetric Society (http://www.rspsoc.org/) publishes
anumber of journals that include many articles related to engineering surveying.

® The Association for Geographic Information (http://www.agi.org.uk/) represents the
interests of the geographic information industry including users in both the public
and private sectors, suppliers of software, hardware and data services, consultants
and academics.

® The International Federation of Hydrographic Societies (http://www.hydrographic-
society.org/) aims to promote the science of surveying over water. Members, both
individual and institutional, represent the fields of hydrography, oceanography,
geophysics, civil engineering and associated disciplines at all levels of expertise.

® The Institution of Civil Engineers (http://www.ice.org.uk/), although promoting civil
engineering across all fields of interest, also provides services and information
related to engineering surveying and geospatial engineering.

International survey organisations

Some of the professional survey organisations in the USA provide very useful infor-
mation for surveyors and engineers engaged in engineering surveying. Several of
these, with their web sites, are listed below.

® American Congress on Surveying and Mapping (http:/www.acsm.net/).

® American Society for Photogrammetry and Remote Sensing (http://www.asprs.org/).
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® The Geomatics Division of the American Society of Civil Engineers (ASCE) publish a
number of journals including the Journal of Surveying Engineering. This can be
searched on http://www.pubs.asce.org/.

Other institutions include:

® The Surveying and Spatial Sciences Institute (SSSI), Australia (http://www.
spatialsciences.org.au/)

® Mapping Sciences Institute, Australia (http://mappingsciences.org.au/)
® New Zealand Institute of Surveyors (http://www.surveyors.org.nz/)
® Canadian Institute of Geomatics (http://www.cig-acsg.ca/)

® South African Geomatics Institute (http://www.sagi.co.za/)

Reflective summary W%L

S
With reference to survey institutions and organisations, remember:

— There are many societies and organisations that are useful sources of survey infor-
mation — these can all be accessed on the Internet.

— The largest surveying institution in the UK is the RICS. It addresses all aspects of
surveying including such diverse areas as arts, antiques and waste management.

— The geomatics professional group of the RICS is responsible for promoting engi-
neering surveying and all of its allied subjects.

— The ICES is an institution that represents those employed as quantity and engi-
neering surveyors in the civil engineering industry.

— Both the RICS and ICES promote surveying through meetings, lectures, seminars
and conferences as well as publications such as their regular journals Geomatics
World and Civil Engineering Surveyor.

— The Ordnance Survey is the national mapping agency in the UK. It is responsible
for the topographic mapping of Great Britain and for providing services such as
OS Net for precise real-time GNSS surveying.

— Ordnance Survey products include paper maps and plots, but also include an ex-
tensive range of digital mapping products — many of these are used in engineer-
ing surveying.

— The FIG is a non-governmental international organisation representing all survey-
ing disciplines — their Commission 6 is responsible for engineering surveying.

Exercises

1.1  What are geospatial engineering and geomatics?
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1.2 Using information on the RICS web site, make a list of all the specialist
areas of surveying given by their Geomatics professional group. Which ones
are relevant to engineering surveying?

1.3  Using the definition given on the ICES web site, explain what the main
aims of engineering surveying are.

1.4  What are photogrammetry and remote sensing? Why are they important in
engineering surveying?

1.5  Explain how plane surveying differs from geodetic surveying.

1.6  In engineering surveying, what do the following terms mean:

horizontal and vertical control
3D deliverable

digital terrain model

setting out

1.7  Describe the different methods that are used in surveying today for
electronic data collection. What impact will improved data
communications have on these?

1.8  What is integrated surveying?

1.9  Discuss the ways in which engineering surveying is expected to develop in
the near future. Why will engineering surveyors become data managers?

1.10 Visit the Ordnance Survey web site and make a list of all the products and
services they offer. Which of these are the most useful for civil engineering
and construction projects?

1.11 Give details of the way in which the FIG promotes surveying. Using their
web site, make a list of recent symposia and conferences they have
organised for those interested in engineering surveying.

1.12 By obtaining information from web sites, describe the activities of the
ACSM and ASCE.

Further reading and sources of information

For convenience, all of the institutions and organisations mentioned in this chapter
are listed below with their web sites.

® Royal Institution of Chartered Surveyors (RICS):
http://www.rics.org/

® Chartered Institution of Civil Engineering Surveyors (ICES):
http://www.ices.org.uk/

® Ordnance Survey:
http://www.ordnancesurvey.co.uk/

® International Federation of Surveyors (FIG):
http://www.fig.net/

® The Survey Association (TSA):
http://www.tsa-uk.org.uk/



® Remote Sensing and Photogrammetric Society:
http://www.rspsoc.org/

® Association for Geographic Information (AGI):
http://www.agi.org.uk/

® Hydrographic Society:
http://www.hydrographicsociety.org/

® [nstitution of Civil Engineers:
http://www.ice.org.uk/

® American Congress on Surveying and Mapping:
http://www.acsm.net/

® American Society for Photogrammetry and Remote Sensing:
http://www.asprs.org/

® American Society of Civil Engineers:
http://www.asce.org/

® The Surveying and Spatial Sciences Institute (SSSI), Australia:
http://www.spatialsciences.org.au/

® Mapping Sciences Institute, Australia:
http://mappingsciences.org.au/

® New Zealand Institute of Surveyors:
http://www.surveyors.org.nz/

® Canadian Institute of Geomatics:
http://www.cig-acsg.ca/

® South African Geomatics Institute:
http://www.sagi.co.za/

The following books offer introductions to the specialist subjects that are included in
the definition of engineering surveying:

Linder, W. (2009) Digital Photogammetry, 3rd edn. Springer-Verlag, Berlin.

Luhmann, T., Robson, S., Kyle, S. and Harley, 1. (2006) Close Range Photogrammetry: Principles,
Techniques and Applications. Whittles Publishing, Caithness.

Heywood, 1., Cornelius, S. and Carver, S. (2006) An Introduction to Geographical Information
Systems, 3rd edn. Pearson Publishing, London.

Lillesand, T. M., Kiefer, R. W. and Chipman, J. (2008) Remote Sensing and Image Interpretation, 6th
edn. John Wiley & Sons Limited, Chichester.

Slocum, T. A., McMaster, R. B., Kessler, F. C. and Howard, H. H. (2008) Thematic Cartography and
Geovisualization, 3rd edn. Prentice Hall, London.

The following journals have extensive coverage of engineering surveying:

® Geomatics World, which is published bi-monthly for the RICS by PV Publications
Ltd who also publish the Engineering Surveying Showcase, a twice yearly look at the
UK’s surveying industry and GIS Professional. For further information visit http://
Www.pvpubs.com/.
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® GIM International is published by Reed Business each month and is a global
magazine reporting the latest news and communicating new developments and
applications in geomatics. For further information visit http://www.gim-
international.com/.

® The Civil Engineering Surveyor is published ten times per year by the ICES who also
publish two annual supplements to this known as the Supplement on Electronic
Surveying and the GIS/GPS Supplement. For further information on these see the
ICES web site.

® The Survey Review is published quarterly by Maney Publishing on behalf of the
Survey Review Ltd and is concerned with research, theory, practice and the
management of land and engineering surveying (see http://www.surveyreview.
org/).

The following document is essential reading for those engaged in surveying:

RICS (2004) Surveying Safely: Your guide to personal safety at work. Available on http://www.rics.
org/surveyingsafely/.



xel

2 Levelling

S,

4 A
Aims
After studying this chapter you should be able to:
® Discuss the various types of datum and bench marks that can be used in
levelling including Ordnance Datum Newlyn (ODN)
® Describe how automatic, digital and tilting levels work
® Describe the field procedures that are used for determining heights
when levelling
® Perform all the necessary calculations and checks for determining
heights by levelling including an assessment of the quality of the results
obtained
® Appreciate that levelling is subject to many sources of error and that it is
possible to manage these
® Qutline some methods used in levelling to obtain heights at difficult
locations
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2.1 Heights, datums and bench marks

After studying this section you should understand the differences between hori-
zontal and vertical lines or surfaces and why these are important in levelling. You
should know what a levelling datum is and be aware that a national levelling datum
has been set up by the Ordnance Survey and is known as Ordnance Datum Newlyn
(ODN). You should be aware that bench marks are points of known height specified
on a chosen datum and that these can either be Temporary or Transferred Bench
Marks (TBMs) or Ordnance Survey Bench Marks (OSBMs). In addition, you should
appreciate the difficulties of using an OSBM for any levelling and why these are being
replaced by GNSS-based heights.

Levelling and how heights are defined

In surveying, three basic quantities are measured — heights, angles and distances —
levelling is the name given to one of the methods available for determining heights.

When levelling, it is possible to measure heights within a few millimetres and this
order of precision is more than adequate for height measurement on the majority of
civil engineering projects. As well as levelling, it is worth noting that heights can also
be measured by using total stations, handheld laser distance meters and GNSS receiv-
ers — these are described in subsequent chapters of the book. In comparison to these,
levelling offers a versatile yet simple, accurate and inexpensive field procedure for
measuring heights and this is the reason for its continued use on construction sites in
competition with other methods.

The equipment required to carry out levelling is an optical, digital or laser level,
which is normally mounted on a tripod and used in conjunction with a measuring
staff or levelling staff. This chapter deals with optical and digital levelling — the tech-
niques used with laser levels to determine and process heights on site are given in
Chapter 11 (which covers setting out).

All methods of height measurement determine the heights of points above (or
below) an agreed datum. On site or in the office, surveyors, builders and engineers all
use, on a daily basis, horizontal and vertical datums as references for all types of
measurement including levelling. To illustrate what is meant by horizontal and
vertical, Figure 2.1 shows a plumb-bob (a weight on a length of string or cord)
suspended over a point P. The direction of gravity along the plumb-line defines the
vertical at P and a horizontal line is a line taken at right angles to this. Any horizontal
line can be chosen as a datum and the height of a point is obtained by measuring
along a vertical above or below the chosen horizontal line. On most survey and
construction sites, a permanent feature of some sort is usually chosen as a datum for
levelling and this is given an arbitrary height to suit site conditions. The horizontal
line or surface passing through this feature, with its assigned height, then becomes
the levelling datum. Although it may seem logical to assign a height of 0 m to such a
datum, a value often used is 100 m and this is chosen to avoid any negative heights
occurring as these can lead to mistakes if the minus sign is accidentally omitted. The
heights of points relative to a datum are known as reduced levels (RLs).

Any permanent reference point which has an arbitrary height assigned to it or has
had its height accurately determined by levelling is known as a benich mark. For most
surveys and construction work, it is usual to establish the heights of several bench
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Direction of gravity (the vertical) at P
Figure 2.1 @ Horizontal line.

marks throughout a site and if these have heights based on an arbitrary datum, they
are known as Temporary Bench Marks (TBMs).

The positions of TBMs have to be carefully chosen to suit site conditions and
various suggestions for the construction of these are given in Chapter 11 and in
BS 5964-2:1996 Building Setting Out and Measurement. Measuring stations and targets.

The definition of a levelling datum given above is a horizontal or level line or
surface that is always at right angles to the direction of gravity. As might be expected,
the direction of gravity is generally towards the centre of the Earth and over large
areas, because the Earth is curved, a level surface will become curved as shown in
Figure 2.2. On this diagram, the height of A above B is measured along a vertical
between the level surfaces through A and B.

Level line through A

f

Height of A above B

Reduced level of
A above MSL —

Level line through B

—

Reduced level of

MSL vertical datum

Vertical at A Vertical at B
Figure 2.2 @ Level surfaces showing the height difference between two points A and B.
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If heights are to be based on the same datum for the whole of a large area such as
the UK, a curved level surface of zero height has to be defined. For mainland Great
Britain, this has been established by the Ordnance Survey and is known as the Ord-
nance Datum Newlyn (ODN) vertical coordinate system. This corresponds to the mean
sea level measured at Newlyn, Cornwall and heights which refer to this particular
level surface as zero height are known as ODN heights, but are often called heights
above mean sea level. Mean sea level (MSL) is represented by a surface known as the
Geoid which is the level surface to which all height measurements are referenced,
whether these are national or local. For more information about Ordnance Datum
Newlyn, the Geoid and what mean sea level represents, refer to Chapter 8.

All heights and contours marked on Ordnance Survey maps and plans covering
mainland Great Britain are ODN heights and across the country, the Ordnance Sur-
vey have established, by levelling, about seven hundred thousand bench marks,
known as Ordnance Survey Bench Marks (OSBMs) all of which have a quoted ODN
height. The most common of these are cut into stone or brick at the base of buildings
as shown in Figure 2.3 and the positions and heights of these are shown on some

— — Reduced level is along centre
of horizontal bar

Location and level of bench
mark shown on large-scale
Ordnance Survey plan

-4

Staff in place for taking
reading on bench mark

Figure 2.3 ® Ordnance Survey Bench Mark (part reproduced by permission of Ordnance
Survey on behalf of the Controller of Her Majesty’s Stationery Office, © Crown Copyright
100024463).



Ordnance Survey plans at scales of 1:1250 and 1:2500. Bench mark information is
available free of charge from the Ordnance Survey at http://benchmarks.
ordnancesurvey.co.uk/.

Some caution must be exercised when using OSBMs as they have not been main-
tained by the Ordnance Survey since 1989. In fact, many of these have not had their
heights revised since the 1970s and they may have been affected by local subsidence
or some other physical disturbance since the date they were last levelled. For these
reasons, if the heights given on maps or in bench mark lists are to be used for any sur-
vey work, it is essential to include two or more OSBMs in levelling schemes so that
their height values can be checked for errors by levelling between them. The Ord-
nance Survey have not been maintaining OSBMs for a number of years because ODN
heights of reference points are now determined using GNSS methods. These enable
the height of any point at almost any location to be determined so there is now no
need to visit an Ordnance Survey bench mark in order to obtain heights relative to
mean sea level. The use of GNSS in height measurement is described in Chapters 7
and 8 and in an RICS geomatics guidance leaflet Virtually level (this can be down-
loaded at http://www.rics.org/mappp/).

If the height of a well-defined stable point on a construction site is established by
levelling it from a nearby OSBM or GNSS bench mark then this point is known as a
Transferred Bench Mark, since ODN has been transferred to it. Transferred Bench
Marks are also referred to as TBMs and can be used to level other points. The use of
Transferred Bench Marks is discussed in Section 11.3.

Despite the existence of OSBMs and GNSS means of realising ODN heights, itis not
always necessary to use a mean sea level datum and many construction projects use
an arbitrary datum for defining heights.

Reflective summary W%E

S
With reference to datums and bench marks, remember:

— The Ordnance Survey have established a national vertical datum at mean sea level in
mainland Great Britain called Ordnance Datum Newlyn (ODN) — if heights are to be
based on this an OSBM has to be used.

— Be careful when using OSBM s as they have not been maintained by the Ordnance
Survey for many years — if you need to have ODN heights on site you should use
GNSS to do this.

— For most construction work and civil engineering projects, levelling is based on
an arbitrary datum and involves using Temporary Bench Marks (TBMs).

— Transferred Bench Marks (also known as TBMs) are well-defined stable points on
construction sites which have been levelled relative to ODN, usually from a
nearby OSBM or GNSS bench mark.

Levelling
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2.2 Levelling equipment

After studying this section you should be able to describe the differences between
tilting, automatic and digital levels. In practical terms, you should know how to set
up and use a level, how to handle and read a levelling staff and how to carry out a
two-peg test on a level. As well as this, you should understand the operation of a
survey telescope, what parallax is and how it can be removed.

This section includes the following topics:

® The levelling staff
® Automatic levels
® Tilting levels

® Digital levels

® Adjustment of the level

The levelling staff

Levelling involves the measurement of vertical distances with reference to a horizon-
tal plane or surface. To do this, a levelling staff is needed to measure vertical distances
and an instrument known as a level is required to define the horizontal plane. To
make it easier to operate, the level is usually mounted on a tripod, as shown in Figure
2.4, which also shows a levelling staff. There are several types of level available and
these are discussed in the following pages.

A levelling staff is the equivalent of a long ruler and it enables distances to be
measured vertically from the horizontal plane established by a level to points where
heights are required. Many types of staff are in current use and these can have lengths
of up to 5 m. The staff is usually telescopic but can be socketed in as many as five
sections for ease of carrying and use and it is made of aluminium or non-conductive
fibreglass. The staff markings can take various forms but the E-type staff face recom-

Figure 2.4 ® Levelling equipment (courtesy Leica Geosystems).
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Figure 2.5 ® Level staff with Figure 2.6 ® Taking vertical reading on staff.
example readings.

mended in BS 4484 is used in the UK. This is shown in Figure 2.5 and can be read
directly to 0.01 m and by estimation to 0.001 m.

Since the staff must be held vertically at each point where a height is to be measured
most staffs are fitted with a circular bubble to help do this. If no bubble is available, the
staff should be slowly moved back and forth through the vertical and the lowest reading
noted - this will be the reading when the staff is vertical, as shown in Figure 2.6.

Automatic levels

The general features of the automatic level are shown in Figure 2.7. These instru-
ments establish a horizontal plane at each point where they are set up and consist of a
telescope and compensator. The telescope provides a magnified line of sight for taking
measurements and the compensator, built into the telescope, ensures that the line of
sight viewed through the telescope is horizontal even if the optical axis of the tele-
scope is not exactly horizontal.

Surveying telescopes

The type of telescope used in automatic and other levels is very similar to that used in
other surveying instruments such as theodolites and total stations and is shown in
Figure 2.8. The following section refers specifically to the telescope of a level but is
also applicable to measurements taken using other surveying instruments.

When looking through the eyepiece of the telescope, if it is correctly focused, a set
of lines can be seen in the field of view and these provide a reference against which
measurements are taken. This part of the telescope is called the diaphragm (ot reticule)
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Figure 2.7 ® Automatic level: 1 focusing screw; 2 eyepiece; 3 footscrew; 4 horizontal
circle; 5 base plate; 6 tangent screw (slow motion screw); 7 circular bubble; 8
collimator (sight); 9 object lens (courtesy Trimble & KOREC Group and Topcon).

——————— N
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Figure 2.8 ® Surveying telescope: 1 object lens; 2 focusing screw; 3 focusing lens; 4 di-
aphragm; 5 eyepiece (courtesy Sokkia Topcon Co Ltd).

and this consists of a circle of plane glass upon which lines are etched, as shown in
Figure 2.9. Conventionally, the pattern of vertical and horizontal lines is called the
cross hairs.



Figure 2.9 ® Diaphragm patterns.

The object lens, focusing lens, diaphragm and eyepiece are all mounted on the same
optical axis and the imaginary line passing through the centre of the cross hairs and
the optical centre of the object lens is called the line of sight or the line of collimation of
the telescope. The diaphragm is held in the telescope by means of four adjusting
screws so that the position of the line of sight can be moved within the telescope (see
Adjustment of the level later in this section).

The action of the telescope is as follows. Light rays from the levelling staff (or target)
pass through the object lens and are brought to a focus in the plane of the diaphragm
by rotating the focusing screw. Rotating the focusing screw moves the focusing lens
along the axis of the telescope. When the eyepiece is rotated, this also moves axially
along the telescope and since it has a fixed focal point that lies outside the lens combi-
nation, its focal point can also be made to coincide with the plane of the diaphragm.
Since the image of the levelling staff has already been focused on the diaphragm, an
observer will see in the field of view of the telescope the levelling staff focused against
the cross hairs. The image of the staff will also be highly magnified (see Figure 2.10)
making accurate measurement of vertical distances possible over long distances.

A problem often encountered with outdoor optical instruments is water and dust
penetration. In order to provide protection from these, the telescope and compen-
sator compartment of some levels are sealed and filled, under pressure, with dry
nitrogen gas. This is known as nitrogen purging, and since the gas is pressurised, water
and dust are prevented from entering the telescope. The use of dry nitrogen also
prevents lens clouding and moisture condensation inside the telescope.

Typical specifications for a surveying telescope for use in construction work are a
magnification of up to about 30, a field of view of between 1 and 2° and a minimum
focusing distance of 0.5-1.0 m. Some telescopes use autofocusing, where focusing is
achieved by pressing a button in a similar manner to a camera (see also Section 5.3
under Useful accessories and Figure 5.23).

Figure 2.10 ® View of levelling staff through telescope (courtesy Leica Geosystems).
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Parallax

For a surveying telescope to work correctly, the focusing screw has to be adjusted so
that the image of the staff falls exactly in the plane of the diaphragm and the eyepiece
must be adjusted so that its focal point is also in the plane of the diaphragm. Failure
to achieve either of these settings results in a condition called parallax, and this can
be a source of error when using levels, theodolites and total stations. Parallax can be
detected by moving the eye to different parts of the eyepiece when viewing a level-
ling staff — if different parts of the staff appear against the cross hairs the telescope has
not been properly focused and parallax is present, as shown in Figure 2.11.

Position of target moves Position of target 6\0&
relative to cross hairs remains the same R\

(3

Q\@“eo \

\

\
\

Parallax present Parallax eliminated

Figure 2.11 @ Parallax.

It is difficult to take accurate staff readings under these conditions, since the posi-
tion of the cross hairs alters for different positions of the eye. For this reason, it is
essential that parallax is removed before any readings are taken when using a level or
any optical instrument with an adjustable eyepiece.

To remove parallax, a piece of white paper or a page from a field book is held in
front of the object lens and the eyepiece is adjusted so that the cross hairs are in focus.
The paper or field book is removed from in front of the object lens, and the staff at
which readings are required is now sighted and brought into focus using the focusing
screw. Next, the staff is observed whilst moving the eye up and down, and if it does
not appear to move relative to the cross hairs then parallax has been eliminated (see
Figure 2.11). If there is apparent movement then the procedure should be repeated.
Once adjusted, it is not usually necessary to adjust the eyepiece again until a new set
of readings is taken, say, on another day. For all levelling, the focusing screw has to be
adjusted for each staff reading, as focus depends on the sighting distance.

The compensator

In an automatic level, the function of the compensator is to deviate a horizontal ray
of light at the optical centre of the object lens through the centre of the cross hairs.
This ensures that the line of sight (or collimation) viewed through the telescope is
horizontal even if the telescope is tilted.



Figure 2.12 ® Compensator (courtesy Sokkia Topcon Co Ltd).

Whatever type of automatic level is used it must be levelled to within about 15' of
the vertical through the level to allow the compensator to work. This is achieved by
using the three footscrews together with the circular bubble.

Figure 2.12 shows a compensator and the position in which it is usually mounted
in the telescope. The action of the compensator is shown in Figure 2.13, which has
been exaggerated for clarity. The main component of the compensator is a prism
which is assumed to be freely suspended within the telescope tube when the instru-
ment has been levelled and which takes up a position under the influence of gravity
according to the angle of tilt of the telescope. Provided the tilt is within the working
range of the compensator, the prism moves to a position to counteract this and a
horizontal line of sight (collimation) is always observed at the centre of the cross
hairs.

The wires used to suspend a compensator are made of a special alloy to ensure
stability and flexibility under rapidly changing atmospheric conditions, vibration
and shock. The compensator is also screened against magnetic fields and uses some
form of damping, otherwise it might be damaged when the level is in transit and
might be affected by wind and vibration preventing readings from being taken.

Use of the automatic level

The first part of the levelling process is to set the tripod in position for the first
reading, ensuring that the top of the tripod is levelled by eye after the tripod legs have
been pushed firmly into the ground. Tripods normally have adjustable legs which en-
able their heads to be set level by eye if one leg goes further into the ground than the
others. Following this, the level is attached to the tripod using the clamp provided
and the circular bubble is centralised using the three footscrews. This ensures that the
instrument is almost level and activates the compensator, which automatically
moves to a position to establish a horizontal line of sight at the centre of the cross
hairs. Therefore, at each set up, no further adjustment of the footscrews is required
after the circular bubble has been set.

As with all types of level, parallax must be removed before any readings are taken.

In addition to the levelling procedure and parallax removal, a test should be made
to see if the compensator is working before readings commence. One of the
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Figure 2.13 @ Action of compensator.

footscrews should be moved slightly off level and, if the reading to the levelling staff
remains constant, the compensator is working. If the reading changes, it may be
necessary to gently tap the telescope tube to free the compensator. When using some
automatic levels, this procedure does not have to be followed as a small lever at-
tached to the level enables the compensator to be checked. When a staff has been
sighted, this lever is pressed (see Figure 2.14), and if the compensator is working the
horizontal cross hair is seen to move and then return immediately to the horizontal
line of sight. Additionally, some levels incorporate a warning device that gives a
visual indication to an observer, in the field of view of the telescope, when the instru-
ment is not level.

A problem sometimes encountered with levels that use a compensator is that
machinery operating nearby will cause the compensator to vibrate, which in turn
causes the image of the staff to appear to vibrate so that readings become very diffi-
cult to take. This problem can occur on construction sites, particularly where the site
is narrow or constricted.

Tilting levels

Because of the popularity of the automatic and digital levels (which are discussed in
the next section), the tilting level is rarely used on site these days. However, brief
details are included here so that it can be compared with the others.



Figure 2.14 ® Compensator check (courtesy Leica Geosystems).

On this instrument, the telescope is not fixed to the base of the level and can be
tilted a small amount in the vertical plane about a pivot placed below the telescope.
The amount of tilt is controlled by a tilting screw which is usually directly underneath
or next to the telescope eyepiece. Instead of a compensator, a tilting level will have a
spirit level tube fixed to its telescope to enable a horizontal line of sight to be set. The
spirit level tube (Figure 2.15) is a short barrel-shaped glass tube, sealed at both ends,
that is partially filled with purified synthetic alcohol. The remaining space in the
tube is an air bubble and there are a series of graduations marked on the glass top of
the tube that are used to locate the relative position of the air bubble within the spirit
level. The imaginary tangent to the surface of the glass tube at the centre of these
graduations is known as the axis of the spirit level. When the bubble is centred in its
run and takes up a position with its ends an equal number of graduations (or divi-
sions) either side of the centre, the axis of the spirit level will be horizontal, as shown
in Figure 2.15. By fitting a spirit level to a telescope such that its axis is parallel to the
line of collimation, a horizontal line of sight can be set. This is achieved by adjusting
the inclination of the telescope with the tilting screw until the bubble of the spirit
level lies in the middle of its graduations.

In use, a tilting level is set up by attaching it to the tripod head and using the
footscrews to centralise a circular bubble. As with the automatic level, this ensures
that the instrument is almost level. Next, the telescope is turned until it is pointing in
the direction in which the first staff reading is required and the tilting screw is rotated

Axis of vial Axis of vial
horizontal inclined ==

———

—

Vial horizontal Vial tilted
(bubble centred) (bubble not centred)

Figure 2.15 @ Spirit level tube (or vial).
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Figure 2.16 ® Principle of the tilting level.

until the spirit level bubble is brought to the centre of its run. This ensures that the
line of collimation is horizontal, as shown in Figure 2.16, but only in the direction in
which the reading is being taken. When the telescope is rotated to other directions,
the bubble will change its position for each direction of the telescope because the
instrument is not exactly levelled. Consequently, the tilting screw must be reset
before every reading is taken and forgetting to do so is a common cause of errors
when using a tilting level.

Digital levels

Shown in Figure 2.17, the digital level is not too dissimilar in appearance to an auto-
matic or tilting level and the same features can be identified including the telescope
with focus and eyepiece, footscrews with a base plate and so on. In use, it is set up in

Figure 2.17 @ Digital levels (courtesy Sokkia Topcon Co Ltd and Leica Geosystems).



Figure 2.18 ® Bar-coded levelling staff (courtesy Leica Geosystems).

the same way as an automatic level by attaching it to a tripod and centralising a
circular bubble using the footscrews. A horizontal line of sight is then established by
a compensator and readings could be taken in the same way as with an automatic
level to a levelling staff, where all readings are taken and recorded manually.

However, this instrument has been designed to carry out all reading and data pro-
cessing automatically via an on-board computer which is accessed through a display
and keyboard. When levelling, a special bar-coded staff is sighted (see Figure 2.18),
the focus is adjusted and a measuring key is pressed. There is no need to read the staff
as the display will show the staff reading about two or three seconds after the measur-
ing key has been pressed. When the bar-coded staff is sighted, it is interrogated by the
level over a span of between 30 and 3000 mm using electronic image-processing
techniques to produce a bar-coded image of the staff corresponding to the field of
view of the telescope. The captured image is then compared by the on-board com-
puter to the bar codes stored in the memory for the staff and when a match is found,
this is the displayed staff reading. In addition to staff readings, it is also possible to
display the horizontal distance to the staff with a precision of about 20-25 mm. All
readings can be coded using the keyboard and as levelling proceeds, each staff read-
ing and subsequently all calculations are stored in the level’s internal memory.

In good conditions, a digital level has a range of about 100 m, but this can deterio-
rate if the staff is not brightly and evenly illuminated along its scanned section. The
power supply for the digital level is standard AA or rechargeable batteries, which are
capable of providing enough power for a complete day’s levelling. If it is not possible
to take electronic staff readings (because of poor lighting, obstructions such as foliage
preventing a bar code from being imaged or loss of battery power), the reverse side of
the bar-coded staff has a normal E type face and optical readings can be taken and
entered manually into the instrument instead.

The digital level has many advantages over conventional levels since observations are
taken quickly over longer distances without the need to read a staff or record anything
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Figure 2.19 ® Removable memory card for digital level (courtesy Leica Geosystems).

by hand. This eliminates two of the worst sources of error from levelling — reading the
staff incorrectly and writing the wrong value for a reading in the field book. As a digital
level also calculates all the heights required, another source of error is removed from the
levelling process — the possibility of making mistakes in calculations.

The data stored in a digital level can also be transferred to a removable memory card
(see Figure 2.19) and then to a computer, where it can be processed further and perma-
nently filed if required. To do this, the software provided by each manufacturer with
the level can be used. As well as this, data can be transferred from the memory card
directly into one of the many survey and design software packages now available. For
on-site applications, design information can also be uploaded from a computer and
memory card to the level for setting out purposes. All of the various options available
for electronic data collection and processing are described in Section 5.4 for total
stations.

Adjustment of the level

Whenever a level is set up, it is essential that the line of collimation, as viewed
through the eyepiece, is horizontal. So far, the assumption has been made that once
the circular bubble is centralised with the footscrews, the line of collimation is set
exactly horizontal by the compensator and diaphragm (automatic and digital levels)
or by centralising the bubble in the spirit level tube (tilting levels). However, because
they are in constant use on site and therefore subjected to inevitable knocks and
bumps, most levels are not in perfect adjustment and if horizontal readings are not
being taken when it has been set up properly, a collimation error is present in the level.
Since most levels will have a collimation error, some method is required to check this
to determine if the error is within accepted limits. The most commonly used method
is the two-peg test which should be carried out when using a new or different level for
the first time and at regular intervals after this depending on how much the level has
been used. Sometimes, the contract for a construction project will specify when the
two-peg test should be carried out (say weekly) and will also specify a tolerance for
the collimation error — because of this it is necessary to check all levels regularly when
on site.
Referring to Figure 2.20, a two-peg test is carried out as follows.
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Figure 2.20 ® Two-peg test.

® On fairly level ground, two points A and B are marked a distance of L m apart.
In soft ground, two pegs are used (hence the name of the test) and on hard
surfaces, nails or paint can be used.

® The level is set up midway between the points at C and levelled. A levelling staff is
placed at A and B in turn and staff readings S; (at B) and S, (at A) are taken.

® The two readings are
§ =(8§ +x)and Sy =(S3 +x)

where
S{ and S} are the staff readings that would have been obtained if the line of
collimation was horizontal
x is the error in each reading due to the collimation error, the effect of which
is to tilt the line of sight by angle c.

® Although Figure 2.20 shows o« and the line of collimation to be above the
horizontal, it can be above or below. Since AC = CB, the error x in the readings $;
and Sy will be the same and the difference between readings S; and S, gives
S =82 =(§ +x)—(S5 + x) =58 — S5, which gives the true difference in height between
A and B. This demonstrates that if a collimation error is present in a level, the effect
of this cancels out when height differences are computed provided readings are
taken over equal sighting distances.

® The level is moved so that it is % m from point B at D and readings S3 and S4 are
taken (see Figure 2.20). The difference between readings S3 and Sy gives S3 -S4 =
the apparent difference in height between A and B.

® [f the level is in perfect adjustment (§ —S,) = (53 —S4). However, it is usual that
there is a difference between the true and apparent heights and since this has been
measured over a distance of L m the collimation error for the level is given by
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collimation error e = (§; —S,)—(S3 —S4) per L m 2.1

® [f the collimation error is found to be less than about + 1 mm per 20 m (or some
specified value) the level is assumed to be in adjustment.

® [f the collimation error is found to be greater than about £ 1 mm per 20 m (or some
specified value), the level has to be adjusted. To do this with the level still at point
D, the horizontal reading S; that should be obtained at A is computed. The
adjustment is then carried out, and this can be done by a number of different
methods depending on the type of level being used. For automatic and digital
levels, the diaphragm adjusting screws are loosened and the reticule is moved until
reading S} is obtained. For some levels, the compensator has to be adjusted. A
tilting level is adjusted by first turning the tilting screw to obtain Sj. This causes
the spirit level bubble to move from the centre of its run, so it is brought back to
the centre by adjusting the vial. All of the mechanical adjustments described here
for adjusting a level for collimation error are very difficult to do, especially on site,
and if a level has an unacceptable collimation error, it should be adjusted by a trained
technician preferably under laboratory conditions. This usually means returning it to
the manufacturer.

Worked example 2.1: Two-peg test

Question
The readings obtained from a two-peg test carried out on an automatic level with a
staff placed on two pegs A and B 50 m apart are:

® With the level midway between A and B
Staff reading at A =1.283 m Staff reading at B = 0.860 m

® With the level positioned 5 m from peg B on line AB extended
Staff reading at A=1.612m Staff reading at B=1.219 m

Calculate the collimation error of the level per 50 m sighting distance and the hori-
zontal reading that should be observed on the staff at A with the level in position 5 m
from B.

Solution

When solving problems of this type it is important that the numbering sequence
shown in Figure 2.20 for staff readings is used otherwise an incorrect collimation
error will be computed. In this case, the staff readings are identified as

§1=0.860 m S»=1.283 m S§3=1.219m S4=1.612m
and from Equation (2.1):
collimation error e = (0.860—-1.283)-(1.219-1.612) per 50 m
=(-0.423-(-0.393)) = -0.030 m per 50 m

For the instrument in position S m from peg B, the horizontal reading that should
have been obtained with the staff at A is



S4 = §4 —[collimation error per metre x sighting distance DA]

0. 030}

=1612 —[ 55=1.645m

This is checked by computing S5, where

§4 = §3 —[collimation error per metre x sighting distance DB]

_ 1219—[—&30}5 —1222m
50

and

S5 —S; =1.222 -1.645 = —0.423 = §; — S, (checks)

Reflective summary W@L

S
With reference to levelling equipment, remember:

— Three different types of level are available — automatic, digital and tilting levels.

— The most widely used level on site is the automatic level but the digital level is
gaining in popularity even though it is more expensive.

— All levels incorporate similar telescopes and to avoid errors occurring in staff read-
ings, it isimportant that parallax is removed from a telescope before any readings
are taken.

— Whatever type of level is used it must be checked for collimation error regularly.

2.3 Field procedure for levelling

After studying this section you should understand how height differences can be deter-
mined from staff readings and you should be familiar with the terms back sight, fore sight
and intermediate sight, together with rise and fall in a levelling context. In addition, you
should appreciate why it is important to start and finish all levelling at a bench mark.

How levelling is carried out

When a level has been correctly set up, the line or plane of collimation generated by
the instrument coincides with or is very close to a horizontal plane. If the height of
this plane is known, the heights of ground points can be found from it by reading a
vertically held levelling staff.

In Figure 2.21, a level has been set up at point I; and readings Ry and Ry have been
taken with the staff placed vertically in turn at ground points A and B. If the reduced
level of A (RL,) is known then, by adding staff reading R; to RL, the reduced level of
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HPC = RLA + Ry
| HPC = RLg + R3

|R1 / R2l s / Ry

It

Figure 2.21 @ Principles of levelling.

the line of collimation at instrument position I; is obtained. This is known as the
height of the plane of collimation (HPC) or the collimation level. This is given by

collimation level at [; = RLp + Ry

In order to obtain the reduced level of point B (RLp), staff reading R, must be
subtracted from the collimation level to give

RLp = collimation level at I1— Ry = (RLs + R{) =Ry =RLp + (R1 = Ryp)

The direction of levelling in this case is from A to B and R is taken with the level
facing in the opposite direction to this. For this reason it is known as a back sight (BS).
Since reading R, is taken with the level facing in the direction from A to B, it is called
a fore sight (FS). The height change between A and B, both in magnitude and sign, is
given by the difference between the staff readings taken at A and B. Since Ry is greater
than R; in this case, (R; — Rp) is positive and the base of the staff has risen in moving
from A to B. Because (R; — Rp) is positive it is known as a rise.

The level is now moved to a new position I, so that the reduced level of C can be
found. Reading Rj is first taken with the staff still at point B but with its face turned
towards I,. This will be the back sight at position I, and the fore sight R4 is taken with
the staff at C. At point B, both a FS and a BS have been recorded consecutively, each
from a different instrument position and this is called a change point (CP).

From the staff readings taken at I, the reduced level of C (RL() is calculated from

RLC = RLB + (R3 - R4)

The height difference between B and C is given both in magnitude and sign by
(R3 —Ry). In this case, (R3 — Ry) is negative since the base of the staff has fallen from B
to C. This time, the difference between the staff readings is known as a fall.

From the above, it can be seen that when calculating a rise or fall, this is always
given by (preceding reading — subsequent reading) at a particular instrument
position. If this is positive, a rise is obtained and if negative, a fall is obtained.

In practice, a BS is the first reading taken after the instrument has been set up and is
always to a bench mark. Conversely, a FS is the last reading taken at an instrument
position. Any readings taken between the BS and FS from the same instrument posi-
tion are known as intermediate sights (1S).

A more complicated levelling sequence is shown in cross-section and plan in
Figure 2.22, in which an engineer has levelled between two TBMs to find the reduced
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Figure 2.22 @ Line of levels.

levels of points A to E. The readings could have been taken with any type of level and
the field procedure carried out to determine the reduced levels is as follows.

® The level is set up at some convenient position I} and a BS of 2.191 m is taken to
TBM 1 with the foot of the staff being held on the TBM and the staff held vertically.

® The staff is then moved to points A and B in turn and readings are taken. These are
intermediate sights of 2.505 m and 2.325 m respectively.

® A change point must be used in order to reach D owing to the nature of the
ground. Therefore, a change point is chosen at C and the staff is moved to C and a
ES of 1.496 m taken.

® While the staff remains at C, the instrument is moved to another position, I. A BS
of 3.019 m is taken from the new level position to the staff at change point C.

® The staff is moved to D and E in turn and readings of 2.513 m (IS) and 2.811 m (FS)
are taken where E is another CP.

® Finally, the level is moved to I3, a BS of 1.752 m taken to E and a FS of 3.824 m
taken to TBM 2.

® The final staff position is at a TBM. This is most important as all levelling fieldwork
must start and finish at a bench mark, otherwise it is not possible to detect errors in
the levelling.
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Reflective summary W@E

S}
With reference to field procedures for levelling, remember:

— Each reading must be identified as a back sight (BS), fore sight (FS) or interme-
diate sight (IS).

— It is essential that all levelling starts and finishes at a bench mark.

2.4 Calculating reduced levels

After studying this section you should know how to calculate heights (reduced levels)
by the rise and fall method and the height of plane of collimation (HPC) method.
You should be aware that it is very important to carry out arithmetic checks on these
calculations.

This section includes the following topics:

® The rise and fall method

® The height of collimation method

The rise and fall method

In this section, the heights of points A to E described in the previous section are
computed by the rise and fall method.

Table 2.1 shows all the readings for the levelling sequence shown in Figure 2.22
recorded in a rise and fall field book. Each row or line of the field book corresponds to
a staff position and this is confirmed by the entries made in the Remarks column. The
calculation of reduced levels proceeds in the following manner, in which the reduced
levels of points A to E are computed point-by-point starting at TBM 1.

® From the TBM 1 to A there is a small fall. A BS of 2.191 m has been recorded at TBM
1 and an IS of 2.505 m at A. So, for the fall from TBM 1 to A, the height difference is
given by (2.192 - 2.505) = -0.314 m. The negative sign indicates a fall and this is
entered in column for this on the line for point A. The fall is then subtracted from
the RL of TBM 1 to obtain the initial reduced level of A as 49.873 - 0.314 = 49.559
m.

® The procedure is repeated and the height difference from A to B is given by (2.505 -
2.325) = +0.180 m. The positive sign indicates a rise and this is entered on the line
for B. The RL of B is (RLp + 0.180) = 49.739 m.

® The rise from B to C up to the first CPis (2.235 - 1.496) = +0.829 m from which the
RL of Cis (49.739 + 0.829) = 50.568 m.

® All the readings taken from Iy have now been used and the calculation continues
with the readings taken from I,.



Table 2.1 @ Rise and fall method.
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BS IS FS Rise Fall Initial RL Adj Adj RL Remarks
2.191 49.873 49.873 TBM 1 49.873
2.505 0.314 49.559  +0.002 49.561 A
2.325 0.180 49.739  +0.002 49.741 B
3.019 1.496 0.829 50.568 +0.002 50.570 C(CP)
2.513 0.506 51.074  +0.004 51.078 D
1.752 2.811 0.298 50.776 ~ +0.004 50.780 E(CP)
3.824 2.072 48.704 +0.006 48.710 TBM 248.710
Checks
6.962 8.131 1.515 2.684 48.704
8.131 2.684 49.873
-1.169 -1.169 -1.169

Note: The date, observer and booker (if not the observer), the survey title, level number, weather conditions and anything else

relevant should be recorded as well as the staff readings.

® The height change from C to D is obtained from (3.019 - 2.513) =+ 0.506 m, which
is a rise. Hence the RL of D is calculated from (50.568 + 0.506) = 51.074 m.

® The calculation continues as described above until the initial reduced level of TBM
2 is calculated.

® When the Initial RL column of the table has been completed, a check on the
arithmetic involved is possible and must always be applied. This check is

X BS — X FS = X RISES — X FALLS = LAST Initial RL — FIRST RL

Itisnormal to enter these summations at the foot of each relevant column in the
levelling table (see Table 2.1). Obviously, agreement must be obtained for all three
parts of the check and it is stressed that this only provides a check on all the Initial RL
calculations and does not provide an indication of the accuracy of the readings.

The difference between the calculated and known values of TBM 2 is —-0.006 m.
This is known as the misclosure of the levelling and it is the magnitude of this that
gives an indication of the accuracy of the levelling.

If the misclosure is greater than the allowable misclosure then the levelling must be
repeated, but if the misclosure is less than the allowable value then it is distributed
throughout the reduced levels. In this case, the allowable misclosure is £ 9 mm and
the levelling is acceptable (see Section 2.5 for a full explanation of this).

The usual method of correction is to apply an equal, but cumulative, amount of
the misclosure to each instrument position, the sign of the adjustment being oppo-
site to that of the misclosure. Since there is a misclosure of -0.006 m in this example a
total adjustment of +0.006 m must be distributed. As there are three instrument posi-
tions, +0.002 m is added to the reduced levels found from each instrument position.
In other words, it is assumed that an equal amount of the misclosure was caused ev-
ery time the level was set up. So, in this case, all the RLs calculated from I; (apart from
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that of the initial bench mark) are adjusted by +0.002 m, all those calculated from I,
are adjusted by +0.002 m for I; and +0.002 m for Iy, and all those calculated from I3
are adjusted by +0.002 m for I, +0.002 m for I, and +0.002 m for I3. The distribution
is shown in the Adj (adjustment) column, in which the following cumulative adjust-
ments have been applied: Levels A, B and C + 0.002 m, levels D and E + (0.002 + O.
002) = +0.004 m and TBM 2 + (0.002 + 0.002 + 0.002) = +0.006 m. No adjustment is
applied to TBM 1 since this level cannot be altered. The adjustments are applied to
the Initial RL values to give the Adj (adjusted) RL values in Table 2.1.

The height of collimation method

Table 2.2 shows the field book for the reduction of the levelling of Figure 2.22 by the
height of collimation method. This way of reducing levels is based on the HPC being
calculated for each instrument position and proceeds as follows.

® [f the BS reading taken to TBM 1 is added to the RL of this bench mark, then the
HPC for the instrument position Iy will be obtained. This will be 49.873 + 2.191 =
52.064 m and this is entered in the HPC column on the same line as the BS.

® To obtain the initial reduced levels of A, B and C the staff readings to those points
are now subtracted from the HPC. The relevant calculations are

RL of A = 52.064 - 2.505 = 49.559 m
RL of B =52.064 - 2.325 =49.739 m
RL of C =52.064 — 1.496 = 50.568 m

Table 2.2 ® Height of collimation method.

BS IS FS HPC Initial RL  Adj Adj RL Remarks
2.191 52.064 49.873 49.873 TBM 1 49.873
2.505 49.559 +0.002 49.561 A
2.325 49.739 +0.002 49.741 B
3.019 1.496 53.587 50.568 +0.002 50.570 C (CP)
2.513 51.074 +0.004 51.078 D
1.752 2.811 52.528 50.776 +0.004 50.780 E (CP)
3.824 48.704 +0.006 48.710 TBM 2 48.710
Checks
6.962 7.343 8.131 300.420

7.343 + 8.131 + 300.420 = 315.894
[52.064 x 3] + [53.587 x 2] + [52.528] = 315.894

6.962
8.131
-1.169

8.131 48.704
49.873
-1.169

Note: The date, observer and booker (if not the observer), the survey title, level number, weather conditions and anything else

relevant should be recorded as well as the staff readings
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® At point C, a change point, the instrument is moved to position I, and a new HPC
is established. This collimation level is obtained by adding the BS at C to the RL
found for C from I;. For position I, the HPC is 50.568 + 3.019 = 53.587 m. The staff
readings to D and E are now subtracted from this to obtain their reduced levels.

® The procedure continues until the Initial RL of TBM 2 is calculated and the
misclosure found as before. With the Initial RL column in the table completed, the
following check can be applied.

X BS — X FS = LAST Initial RL — FIRST RL

However, this only verifies the reduced levels calculated using BS and FS read-
ings. To check the reduced levels calculated from IS readings, a second check is
used and is given by

XIS + X FS + X RLs except first = X [each HPC xnumber of applications]
Table 2.2 gives
XIS + X FS + X RLs except first = 7.343 + 8.131 + 300.420 = 315.894 m

The first HPC of 52.064 m has been used three times to calculate the reduced
levels of A, B and C. The second of 53.587 m has been used twice to calculate the
reduced levels of D and E and the last HPC of 52.528 m has been used once to close
the levels onto TBM 2. This gives the second part of this check as

[52.064 x 3] + [53.587 x 2] + [52.528 x 1] = 315.894 m

® After applying the check, any acceptable misclosure is distributed as for the rise
and fall method.

Reflective summary W%E

S
With reference to calculating reduced levels, remember:

— There are two ways of calculating reduced levels — the rise and fall method and
the height of plane of collimation (HPC) method.

— The arithmetic checks MUST be done for all levelling calculations.

— When establishing the heights of new TBMs and other important points, only BS
and FS readings should be taken and the rise and fall method of calculation
should be used.

— The HPC method of calculation can be much quicker when a lot of intermediate
sights have been taken and it is a good method to use when mapping or setting
out where many readings are often taken from a single instrument position.

— Adisadvantage of the HPC method is that the check on reduced levels calculated
from IS readings can be lengthy and there is a tendency for it to be omitted.
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2.5 Precision of levelling

After studying this section you should be able to determine the allowable misclosure
for different types of levelling and you should realise how this helps to decide
whether a line of levels is accepted or is rejected.

How good is my levelling?

In the previous section, a misclosure of -6 mm was obtained for the levelling by
comparing the reduced level of the closing bench mark TBM 2 (48.710 m) with its
Initial RL obtained from staff readings (48.704 m). By comparing the two reduced
levels for TBM 2 in this way, an assessment of the quality or precision of the levelling
can be made and it is usual to check that the misclosure obtained is better than some
specified value called the allowable misclosure.

On construction sites and other engineering projects, levelling is usually carried
out over short distances and it can include a lot of instrument positions. For this type
of work, the allowable misclosure for levelling is given by

allowable misclosure = + m/n

where m is a constant and n is the number of instrument positions. A value often used
for mis S mm.

When the misclosure obtained from staff readings is compared to the allowable
misclosure and it is found that the misclosure is greater than the allowable value, the
levelling is rejected and has to be repeated. If the misclosure is less than the allowable
value, the misclosure is distributed between the instrument positions as described in
the previous section. For the levelling given in Tables 2.1 and 2.2, the misclosure is -6
mm, the allowable misclosure is given by (with m = 5 mm) +5+/3 = +9 mm and the
levelling has been accepted.

When assessing the precision of any levelling by this method, it may be possible
for a site engineer to use a value of m based on site conditions. For example, if the re-
duced levels found are to be used to set out earthwork excavations, the value of m
might be 30 mm but for setting out steel and concrete structures, the value of m
might be 3 mm. Values of m may be specified as tolerances in contract documents
or where they are not given, may simply be chosen by an engineer based on experi-
ence.

Specifications for levelling are also given in BS 5964: Building setting out and mea-
surement and in the ICE Design and Practice Guide The management of setting out in
construction. Typical accuracies expected for levelling are also listed in BS 5606: Guide
to accuracy in building and it possible to evaluate the accuracy of anyone levelling by
using BS 7334: Measuring instruments for building construction. For further details of
these, see Further reading and sources of information at the end of the chapter. The pre-
cision of levelling is also discussed in Chapter 9.
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With reference to the precision of levelling, remember:

— An allowable misclosure should always be computed and a decision made to
accept or reject the levelling.

— The allowable misclosure varies according to the number of times the level is set
up and how the levels obtained are going to be used.

— If the levelling is accepted, the reduced levels obtained should be adjusted.

— If it is rejected, the levelling must be repeated — never try to correct or invent a
reading to make a line of levels close.

2.6 Sources of error in levelling

After studying this section you should be aware of the various sources of error that
can occur in levelling and you should appreciate how it is possible to minimise or
even eliminate some of these by adopting sensible field procedures.

This section includes the following topics:

® Errors in the equipment
® Field or on-site errors
® The effects of curvature and refraction on levelling

® How to reduce the chance of errors occurring
Errors in the equipment

Collimation error

This can be a serious source of error in levelling if sight lengths from one instrument
position are not equal, since the collimation error is proportional to the difference in
these. So, in all types of levelling, sight lengths should be kept equal, particularly
back sights and fore sights and before using any level it is advisable to carry out a two-
peg test to ensure the collimation error is within acceptable limits.

Compensator not working

For an automatic or digital level, the compensator is checked by moving a footscrew
slightly off level, by tapping the telescope gently or by pushing the compensator
check lever (if fitted) to ensure that a reading remains constant. If any of these checks
fail, the compensator is not working properly and the instrument must be returned
to the manufacturer for repair.

Levelling
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Parallax

This effect must be eliminated before any staff readings are taken.

Defects of the staff

The base of the staff should be checked to see if it has become badly worn - if this is
the case then the staff has a zero error. This does not affect height differences if the
same staff is used for all the levelling, but introduces errors if two staffs are being used
for the same series of levels.

When using a multi-section staff, it is important to ensure that it is properly ex-
tended by examining the graduations on either side of each section as it is ex-
tended. If any of the sections become loose, the staff should be returned for repair.

Tripod defects

The stability of tripods should be checked before any fieldwork commences by
testing to see if the tripod head is secure, that the metal shoes at the base of each leg
are not loose and that, once extended, the legs can be tightened sufficiently.

Field or on-site errors

Staff not vertical

Since the staff is used to measure a vertical difference between the ground and the
plane of collimation, failure to hold the staff vertical will give incorrect readings. If
the staff is fitted with a circular bubble to aid it being held vertically, this should be
checked at frequent intervals and adjusted if necessary. However, a better procedure
is to rock the staff slowly back and forth through the vertical wherever possible and
to note the lowest reading, as shown in Figure 2.6.

Unstable ground

When the instrument is set up on soft ground and bituminous surfaces on hot days,
an effect often overlooked is that the tripod legs may sink into the ground or rise
slightly whilst readings are being taken. This alters the height of collimation and it is
advisable to choose firm ground on which to set up the level and tripod, and to
ensure that the tripod shoes are pushed well into the ground.

Similar effects can occur with the staff, and for this reason it is particularly impor-
tant that change points should be at stable positions such as manhole covers, kerb-
stones, concrete surfaces, and so on. This ensures that the base of the staff remains at
the same height in between a FS and BS.

For both the level and staff, the effect of soft or unstable ground is greatly reduced
if readings are taken in quick succession.



Handling the instrument and tripod

As well as vertical displacement, the plane of collimation of a level may be altered for
any set-up if the tripod is held or leant against. When levelling, avoid contact with
the tripod and only use the level by light contact through the fingertips. If at any
stage the tripod is disturbed, it will be necessary to relevel the instrument and to
repeat all the readings taken from that instrument position.

Instrument not level

For automatic and digital levels this source of error is unusual, but for a tilting level in
which the tilting screw has to be adjusted for each reading, this is a common mistake.
The best procedure here is to ensure that the main bubble is centralised before and
after a reading is taken.

Reading and booking errors

Many mistakes can be made during the booking of staff readings taken with an auto-
matic or tilting level, and the general rule is that staff readings must be carefully
entered into the levelling table or field book immediately after reading. As already
noted, readings taken with a digital level are automatically stored by the instrument
and there is no need for the operator to record anything by hand - this gives the
digital level an advantage over automatic and tilting levels.

Weather conditions

In strong winds, a level can become unusable because the line of sight is always
moving and it also very difficult to hold the staff steady. For these reasons, it is not
possible to take reliable readings under these conditions which should be avoided
when levelling.

In hot weather, the effects of refraction are serious and produce a shimmering
effect near ground level that makes it very difficult to read the bottom metre of the
staff.

The effects of curvature and refraction on levelling

In Section 2.1 it was shown that when a level is set up, it defines a horizontal line for
measurement of height differences. In Figure 2.23 a level is shown set up at point A
and it can be seen that the level and horizontal lines through the instrument
diverge because level lines follow the curvature of the Earth which is defined as
mean sea level. If not accounted for, this is a possible source of error in levelling
since all readings taken at A are observed along the horizontal line instead of the
level line.

However, for most levelling applications, sighting distances are relatively short
and the curvature correction for a length of sight of 50 m is less than 1 mm. Conse-
quently, when levelling, the difference between a horizontal line and a level line is
small enough to be ignored.

Levelling
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Figure 2.23 @ Curvature.

The effect of atmospheric refraction on a line of sight is to bend it either towards or
away from the Earth’s surface. This has a value that can vary considerably, especially
close to the ground, but it can be ignored for most levelling, where the length of sight
is seldom greater than 50 m.

Whatever sight lengths are used, the effects of curvature and refraction will cancel
if the sight lengths are equal. However, the effects of curvature and refraction cannot
be ignored when measuring heights over long distances using total stations — this is
discussed in Section 5.6.

How to reduce the chance of errors occurring

When levelling, the following procedures should be used if many of the sources of
error are to be avoided.

® [evelling should always start and finish at bench marks so that misclosures can be
detected. When only one bench mark is available, levelling lines must be run in
loops, starting and finishing at the same bench mark.

® Where possible, all sight lengths should be below 50 m to enable the staff to be
read accurately.

® The staff must be held vertically by suitable use of a circular bubble or by rocking
the staff and noting the minimum reading.

® BS and FS lengths should be kept equal for each instrument position to eliminate
the effects of any collimation error. For engineering applications, many IS readings
may be taken from each setup. Under these circumstances it is important that the
level has no more than a small collimation error.

® For automatic and tilting levels, staff readings should be booked immediately after
they are observed and important readings, particularly at change points, should be
checked. Use a digital level where possible as it takes staff readings automatically.
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® The rise and fall method of reduction is preferable when heighting reference or
control points where few, if any, IS readings are taken and the HPC method is
preferable when setting out where a lot of IS readings are often taken.

Reflective summary W%E

S
With reference to the sources of error in levelling, remember:

— Instrumental errors can be avoided by proper maintenance and adjustment of
equipment.

— Field errors are caused by carelessness when on site — make sure recommended
procedures are followed to reduce the chance of these occurring.

— Mistakes in observing and recording staff readings are a matter of experience —
the best way to avoid these is to read — write it down — read at each staff position.

— Because it records automatically, the digital level is capable of taking staff read-
ings that are error-free.

— Levelling in extreme weather conditions can often be difficult and is not recom-
mended.

2.7 Other levelling methods

After studying this section you should understand how it is possible to determine the
heights of elevated points using inverted staff methods and you should be aware of
the technique used to carry a line of levels over a wide gap avoiding any instrumental
errors that may be present in the level.

This section include the following topics:

® Inverted staff

® Reciprocal levelling

Inverted staff

Occasionally, it may be necessary to determine the heights of points such as a ceiling
or the soffit of a bridge, underpass or canopy. Usually, these points will be above the
plane of collimation of the level. To obtain the reduced levels of these points, the
staff is held upside down in an inverted position with its base on the elevated points.
When booking an inverted staff reading, it is entered into the levelling table with a
minus sign, the calculation proceeding in the normal way taking this sign into
account.

An example of a levelling line including inverted staff readings is shown in Figure
2.24 and the relevant calculations for this are in Table 2.3.
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Figure 2.24 @ Inverted staff levelling.

Table 2.3 ® Inverted staff readings.

BS IS FS Rise Fall Initial Adj AdjRL  Remarks
RL
1.317 20.794 20.794 TBM A 20.794
-3.018 4.335 25129 -0.001 25.128 X
1.427 2.894 5912 19.217 -0.001 19.216 CP
-2.905 4.332 23.549 -0.002 23.547 Y
-3.602 0.697 24.246 -0.002 24.244 Z
1.498 5.100 19.146 -0.002 19.144 TBM B 19.144
Checks
2.744 4.392 9.364 11.012 19.146
4.392 11.012 20.794
-1.648 -1.648 -1.648

Note: The date, observer and booker (if not the observer), the survey title, level number, weather conditions and anything

else relevant should be recorded as well as the staff readings

Each inverted staff reading is denoted by a minus sign and the rise or fall computed
accordingly. For example, the rise from TBM A to point X is 1.317 - (-3.018) = 4.335
m. Similarly, the fall from point Z to TBM B is -3.602 — (1.498) = -5.100 m.

An inverted staff position must not be used as a change point because it is often diffi-
cult to keep the staff vertical and to keep its base in the same position for more than
one reading.

Reciprocal levelling

For all levelling, true differences in height between pairs of points are obtained by
ensuring that their sight lengths are equal. This eliminates the effect of any
collimation error and also the effects of curvature and refraction.

However, there are certain applications in engineering and site work when it may
not be possible to take staff readings with equal sight lengths, as, for instance, when a
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Figure 2.25 @ Reciprocal levelling.

line of levels has to be taken over a gap such as a river or ravine. In these cases, the
technique of reciprocal levelling can be used.

Figure 2.25 shows two points A and B on opposite sides of a river. To obtain the
true difference in height between A and B a level is placed at I close to A on one side
of the river and a levelling staff is held vertically at A and B in turn. Staff readings of a;
at A and b at B are taken and the level is then moved to the other side of the river to
position I where readings a, and b, are taken.

The difference in height between A and B is obtained by treating each reading at A
as a BS and each reading at B as a FS. This gives the height difference AHpp as (¢ —b)
or (a, —by ), but with a BS and FS taken over very unequal sight lengths from each
instrument position. Since staff readings a; and b, are taken over short distances, it is
assumed that the effect of any collimation error in the level and the effects of curva-
ture and refraction on these readings are small and can be ignored. This will not be
the case for staff readings by and ay, which have been taken over long distances.
However, since these readings have been taken over the same distances with the
same level, the combined effect ¢ of the collimation error and curvature and refrac-
tion will be the same in both readings. The corrected staff readings are (H +¢) and
(a, +¢e)and the true difference in height between A and B is given by the mean of the
two observed differences from I; and I as

AHap =S [ ~ 1By + )+ ([az + €]~ by)] =S (@ ~B) + (a3 ~ by )]

in which the effects of the collimation error and curvature and refraction have
cancelled.

For this type of work, several sets of readings are taken with the instrument being
re-levelled in a slightly different position for each set. The average values for the staff

Levelling
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readings are then used to compute AHpg. When carrying out this procedure with one
level, the two sets of observations must follow each other as soon as possible so that
refraction effects are the same and are minimised. Where this is not possible, two
levels have to be used simultaneously. As it is very unlikely that the two levels will
have the same collimation error, the true height difference will not be obtained. This
problem is overcome by interchanging the levels and repeating the whole procedure
and then taking the mean value for the height difference from these. Another poten-
tial difficulty with this method of height measurement is its reliability as it becomes
difficult to read a levelling staff as the sighting distance increases beyond about 100
m. Itis recommended that, for distances of more than about 100 m, another method,
such as trigonometrical heighting or GNSS, should be used to transfer height across a
wide gap.

Reflective summary W%E

S
With reference to other levelling methods, remember:

— The inverted staff method is very useful on site for finding the heights of points up
to about 4 or 5 m above the level (the length of a levelling staff) but because it
can be difficult to hold the staff in an inverted position the accuracy may not be as
good as ordinary levelling.

— Reciprocal levelling can be used very effectively to transfer levels across an inac-
cessible gap but its accuracy is governed by how well a levelling staff can be read
at long distances.

Exercises

2.1 Explain how parallax occurs and describe a procedure for removing it from
a level.

2.2 Explain the difference between a level line and a horizontal line.

2.3  Why is it necessary to try and keep sight lengths as equal as possible when

levelling?

2.4  What is the height datum in mainland Great Britain called and what is an
OSBM?

2.5  What are the advantages of using a digital level compared to an automatic
level?

2.6 Describe a test that can be carried out to determine the collimation error of
a level.

2.7 Discuss the circumstances under which the rise and fall or HPC method
would be used for reducing levels.



2.8

2.9

2.10

2.11

2.12

2.13

2.14

Levelling

Some levelling is carried out on site where four instrument positions were
used. What would be the allowable error for this levelling if it was to be
used for setting out (a) a steel structure and (b) earthworks?

State the sources of error that can occur in levelling and describe how these
can be minimised.

Explain why it is not advisable to have a change point at an inverted staff
position.

At what distance does Earth curvature have a value of 10 mm? Note: See
Section 5.6 for curvature correction formula.

The observations listed below were recorded when testing the adjustment of
an automatic level. Use them to calculate the collimation error in the level.

Level position  Staff position  Sighting distance Staff reading

Iq A 25m 1.225 m
I B 25m 1.090 m
I A 55m 1.314 m
I B 5m 1.155m

A digital level was checked for collimation error using a two-peg test and
the following results were obtained.

With the level midway between two pegs B1 and B2 which are 40 m apart:
Staff reading at B1 =1.476 m  Staff reading at B2 = 1.432 m

Level set up 10 m from B2 along the line B1-B2 extended:
Staff reading at B1 = 1.556 m  Staff reading at B2 =1.472m
Calculate the collimation error in the level and the readings that would
have been obtained with the level in the second position close to B2 had it
been in perfect adjustment.

The readings shown below were taken to find the heights of pegs A-D.
Calculate adjusted reduced levels for the pegs.

BS IS FS Remarks
1.603 TBM 40.825 m
1.001 Peg A
1.761 1.367 CP
1.297 Peg B
1.272 1.203 CP
0.910 Peg C
1.979 2.291 CP
0.772 0.646 Peg D

3.030 TBM 39.685 m
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2.15 For the levelling shown below, calculate adjusted reduced levels for all
points in the level table.

BS IS FS Remarks
1.832 TBM 62.117 m
2.150 2.379 Change point
1.912 A
1.949 B
2.630 C
1.165 1.539 D
2.381 2.212 Change point
2.070 E
2.930 F
0.954 G
2.425 H

0.879 TBM 62.629 m

2.16 Select a suitable method and reduce the levels given below.

BS IS FS Remarks
1.729 TBM 71.025 m
0.832 Peg at chainage 200 m
0.971 210 m
1.002 220 m
1.459 230m
1.031 240 m
1.600 250 m
1.621 260 m
2.138 270 m
2.076 280 m

1.730 TBM 71.025 m




2.17 The extract given below is for levels taken between two TBMs. Calculate
adjusted reduced levels for all entries in the book.

BS IS FS Remarks
1.592 TBM 31.317 m
1.675 2.052 CcP
1.354 1.704 CP
1.326 0.907 Peg A

1.379 Peg B

1.384 Peg C

1.406 Peg D
0.940 1.315 Peg E
0.832 1.507 CP

-2.938 Soffit 1

-2.833 Soffit 2

-2.717 Soffit 3

1.546 TBM 30.007 m

Note: The readings having minus signs were taken with an inverted staff.

2.18 Reciprocal levelling involving a single level was used to transfer height
across a river between two points R1 and R2 70 m apart. Using the
following readings, calculate the height change from R1 to R2 and the

collimation error in the level.

Level set up close to R1: Staff reading on R1 = 1.582 m

Staff reading on R2 = 0.792 m

Level set up close to R2: Staff reading on R1 =2.112 m

Staff reading on R2 = 1.336 m

Further reading and sources of information

For assessing the accuracy of levelling, consult

BS 5606: 1990 Guide to accuracy in building (British Standards Institution [BSI], London). BSI web

site http://www.bsi-global.com/.

BS 5964-1: 1990 (ISO 4463-1: 1989) Building setting out and measurement. Methods of measuring,
planning and organisation and acceptance criteria (British Standards Institution, London). BSI

web site http://www.bsi-global.com/.

BS 7334-3: 1990 (ISO 8322-3:1989) Measuring instruments for building construction. Methods for
determining accuracy in use: optical levelling instruments. (British Standards Institution,

London). BSI web site http://www.bsi-global.com/.

ISO 17123-2: 2001 Optics and optical instruments — Field procedures for testing geodetic and surveying
instruments — Part 2: Levels (International Organization for Standardization [ISO], Geneva).

ISO web site http://www.iso.org/.

Levelling
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For general guidance and assessing the accuracy of levelling on site refer to

ICE Design and Practice Guide (1997) The management of setting out in construction. Thomas
Telford, London.

For information on OSBMs and GNSS-based heights refer to:
RICS (2006) Virtually level. Available to download at http://www.rics.org/mappp/.
For the latest information on the equipment available, visit the following web sites:

http://www.leica-geosystems.com/
http://www.nikon-trimble.com/
http://www.pentaxsurveying.com/
http://www.sokkia.net/
http://www.topcon.eu/
http://www.trimble.com/
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After studying this chapter you should be able to:
® Understand that theodolites and total stations measure horizontal and
vertical angles
® Assess the accuracy of a theodolite and total station for site work
® Describe all the components of a theodolite and explain how these are
used when measuring and setting out angles
® QOutline the differences between electronic and optical theodolites
® Describe the field procedures that are used to set up and measure angles
with a theodolite and total station
® Book and calculate horizontal and vertical angles from theodolite
readings
® Recognise that the methods for setting up and measuring angles with a
theodolite are subject to many sources of error and realise that these can
be controlled provided the correct field procedures are used
A\ J
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Exercises 99

Further reading and sources of information 101



66

Surveying for engineers

3.1 Definition of horizontal and vertical angles

After studying this section you should understand the exact definitions of horizontal
and vertical angles and you should realise why it is necessary to centre and level a
theodolite or total station when measuring these.

Angles, theodolites and total stations

The measurement of angles is one of the most important required in surveying and
construction. Angles are usually measured using either a theodolite or a total station.

® Horizontal angles are used to determine bearings and directions in control surveys.
They are used for locating detail when mapping and are essential for setting out all
types of structure.

® Vertical angles are used when determining the heights of points by trigonometrical
methods, and can be used to calculate slope corrections for horizontal distances.

® Theodolites are precision instruments and are either electronic (capable of displaying
angle readings automatically) or optical, which need to be read manually. A Sokkia
DT610 electronic theodolite is shown in Figure 3.1. Many different theodolites
are available for measuring angles and they are often classified according to the
smallest reading that can be taken with a particular instrument - this can vary from
1'to 0.1".

® Total stations are precision electronic instruments which are also capable of
measuring angles, but the significant difference between these and theodolites is
that a total station can also measure distances. Many of the features of theodolites
are duplicated on total stations, as shown by the Leica FlexLine Series in Figure 3.1.

Sokkia DT610 electronic theodolite Leica FlexLine Series total station

Figure 3.1 ® Sokkia electronic theodolite compared to Leica total station (courtesy Sokkia
Topcon Co Ltd and Leica Geosystems).
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Figure 3.2 @ Horizontal, vertical and zenith angles.

The angle measuring system of a total station is equivalent to that of an electronic
theodolite.

Electronic theodolites and total stations are the predominant instruments for
angle measurement on site and elsewhere, but optical theodolites are still in use. This
chapter describes how theodolites are used for angle measurement, but concentrates
mostly on electronic theodolites. Total stations are described in Chapter 5.

Figure 3.2 shows two points A and B and a theodolite or total station T set up on a
tripod above a ground point G. Point A is higher than the instrument and is above
the horizontal plane through T, whereas B is lower and below the horizontal plane.
At T, the instrument is mounted a vertical distance h above G on its tripod.

The horizontal angle at T between A and B is not the angle in the sloping plane
containing A, T and B, but the angle 6 on the horizontal plane through T between the
vertical planes containing the lines of sight TA and TB. The vertical angles to A and B
from T are o (an angle of elevation) and og (an angle of depression).

Another angle often referred to is the zenith angle. This is defined as the angle in the
vertical plane between the direction vertically above the instrument and the line of
sight, for example z, in Figure 3.2.

In order to measure horizontal and vertical angles, a theodolite or total station
must be centred over point G and must be levelled to bring the angle reading systems
of the instrument into the horizontal and vertical planes. Although centring and
levelling ensure that horizontal angles measured at T are the same as those that
would have been measured if the instrument had been set on the ground at point G,
the vertical angles from T are not the same as those from G, and the value of h, the
height of the instrument, must be taken into account when height differences are being
calculated.
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Reflective summary W@E

S}
With reference to the definition of horizontal and vertical angles, remember:

— The only angles used in construction and surveying are horizontal and vertical
angles, and it is important to understand what these are.

— Theodolites and total stations do not measure angles in sloping planes — they are
designed to measure horizontal and vertical angles only.

3.2 Accuracy of angle measurement

After studying this section you should be able to specify the accuracy required for a
theodolite in order to meet tolerances given for site work. You should also be aware
that care is needed when assessing the angular accuracy of a theodolite using
brochures and user manuals supplied by the manufacturers.

Angular specifications

In order to match the type of theodolite or total station to its intended application
on site, consider the relationships between angle and sighting distance given in Table
3.1. Using this as a guide it is evident that, if a 5 mm setting out tolerance was speci-
fied on site for work over sighting distances of up to 100 m, a 10" angular precision
would be needed to meet this requirement.

When assessing the angular precision required for a theodolite or total station in
this way care has to be taken, as the minimum reading of the instrument is not the
same as its quoted accuracy. Many theodolites and total stations are tested to ISO
17123-3 and have their angular accuracy quoted with reference to this. In addition to
an instrumental accuracy, errors from setting up the instrument and sighting with it
will make it difficult to achieve the theoretical values of angular precision given here,
so an allowance may have to be made for this as well (this is discussed further in Sec-
tion 9.3 in Propagation of errors in angle measurement). When using a theodolite, some
general guidance on the accuracy that can be expected is given in BS 5606 Guide to ac-
curacy in building and a personal assessment of the accuracy that can be achieved can
also be obtained by following the test procedures given in BS 7334 Measuring instru-

Table 3.1 ® Angular and linear precision.

20" isequivalentto 10 mm at a sighting distance of 100 m
10" isequivalentto 5 mm at a sighting distance of 100 m
5" isequivalentto 2.5 mm at a sighting distance of 100 m
1" isequivalentto 0.5 mm at a sighting distance of 100 m

Note: Linear precision = angular precision (in radians) x sighting distance
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ments for building construction. The ICE Design and Practice Guide The management of
setting out in construction also gives details of good practice when using a theodolite.
For more details of these, refer to Further reading and sources of information at the end
of the chapter.

On many civil engineering projects, it is often assumed that a high specification
theodolite or total station is required for all work — this is not necessary for most
setting out, although such an instrument might be needed when establishing control
or on construction projects demanding high-quality positioning.

At this point, it is worth noting that a full circle is 360° or 4008 (400 gons or grads)
and an angular reading system capable of resolving to 1" or a few mgon directly
shows the degree of precision in the manufacture of theodolites and total stations.
The gons angular unit is widely used in continental Europe instead of degrees,
minutes and seconds for the measurement and setting out of angles. Further details
of angular units and conversions between these are given in the Appendix.

Reflective summary W%E

S
With reference to accuracy of angle measurement, remember:

— When specifying the accuracy required for a theodolite (or total station) try to
match this to the tolerances given on site — this may help reduce costs when
purchasing or hiring instruments.

— The way in which the angular accuracy of a theodolite and total station is quoted
varies according to each manufacturer — if this is important an accuracy specified
to ISO 17123-3 is more reliable, but it is best to consult the manufacturer or
supplier as to exactly what is given.

— To allow for centring and sighting errors when assessing accuracy requirements.

3.3 Electronic theodolites

After studying this section you should be familiar with all of the various parts of a

theodolite and how each of these helps the operator to set up and use a theodolite.

You should understand what single and dual-axis compensators are and be aware

that a theodolite fitted with one of these is capable of producing better results.
This section includes the following topics:

® Mechanical parts of the theodolite
® Electronic components
® Single and dual-axis compensation

® Specialised theodolites
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Mechanical parts of the theodolite

The features of a typical electronic (or digital) theodolite are shown in Figure 3.3. As
shown in Chapter 5, all of the features described in this section are similar to those
found on the angle-measuring systems of total stations.

The tribrach forms the base of the instrument. In order to be able to attach the the-
odolite to a tripod, most tripods have a clamping screw, which locates into a threaded
centre on the base of the tribrach. The tribrach also consists of three threaded levelling
footscrews and a circular bubble. Some instruments have the facility for detaching the
upper part of the theodolite from the tribrach, as shown in Figure 3.4. A special target
or other piece of equipment can then be centred in exactly the same position occu-
pied by the theodolite. This ensures that angular and linear measurements are carried
out between the same positions without having to set up tripods more than once —
this is known as forced centring and helps reduce centring errors (centring errors are
discussed in Section 3.6).

The two main features of the upper part of the instrument are the telescope, which is
supported on the standards. The imaginary axis about which the telescope is rotated
vertically (or tilted) between the standards is called the tilting axis or trunnion axis. The
whole instrument and telescope can also be turned horizontally about another imagi-
nary axis called the vertical axis. Movement about the tilting and vertical axes enables
the instrument to be pointed along any direction or line of sight for the measurement
of angles. The arrangement of the axes of the theodolite is shown in Figure 3.5. When
the instrument is levelled, the vertical axis is made to coincide with the vertical at the
point where the instrument is set up, and the tilting axis is assumed to be horizontal.
This is achieved by using the levelling footscrews and plate level or electronic level. A

11

12

13

14

15
Figure 3.3 ® Nikon and Pentax electronic theodolites: 1 battery compartment; 2 tele-
scope focus; 3 vertical clamp and tangent screw; 4 horizontal clamp and tangent screw; 5
tribrach; 6 carrying handle; 7 vertical circle; 8 optical plummet; 9 tribrach clamp; 10
footscrew; 11 collimator (sight); 12 eyepiece; 13 plate level; 14 keyboard and display; 15
trivet; 16 objective; 17 standard; 18 circular bubble (courtesy Trimble & KOREC Group
and Pentax Industrial Instruments Co Ltd).
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Figure 3.4 @ Detaching theodolite and Figure 3.5 ® Theodolite axes (courtesy Leica
tribrach. Geosystems).

plate level is identical to the spirit level tube of an optical level (for a description of a
spirit level, see Section 2.2).

Centring the theodolite involves setting the vertical axis directly above a ground
point, and this can be done using an optical plummet. This consists of a small eyepiece
which is built into the upper part of the theodolite or into the tribrach (see Figure 3.6),
the line of sight of which is deviated by 90° so that a point corresponding to the verti-
cal axis can be viewed on the ground underneath the instrument. Many instruments
now incorporate a laser plummet which produces a visible red laser beam along the
vertical axis.

Optical plummet
eyepiece

(a) (b)
Figure 3.6 ® Optical plummet (a) mounted on upper part of theodolite and (b) mounted on tri-
brach (courtesy Pentax Industrial Instruments Co Ltd and Leica Geosystems).
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Rotation of the instrument about the vertical axis is controlled by a coaxial horizontal
clamp and tangent screw, and the rotation of the telescope about the tilting axis by a
coaxial vertical clamp and tangent screw. When sighting a point, one of the collimators
located on the top of the telescope is used to obtain an approximate pointing, both
clamps are locked and the two tangent screws are then used to obtain an exact
pointing. It is usual that the tangent screws will not operate until their corresponding
clamps are locked. Some instruments have endless horizontal and vertical drives in
which no clamps are required and where the instrument is simply rotated to the
approximate pointing and the tangent screws used to locate a target exactly.

For the measurement of angles, the theodolite has two circles. Once the theodolite
has been levelled using the plate level and footscrews, the horizontal circle is posi-
tioned in the horizontal plane for the measurement of horizontal angles and the
vertical circle is automatically positioned perpendicular to this in a vertical plane for
the measurement of vertical angles. Theodolites are usually classified according to
the minimum circle reading that can be read directly from them, which can vary
from 20" to 0.1" in the electronic versions.

The construction of the main telescope is similar to that used in optical levels, as
described in Section 2.2, but the focusing screw of the telescope is fitted concentrically
with the barrel of the telescope instead of on the side. The eyepiece is focused in the
same way as the eyepiece of the level in order to remove parallax and to give a sharp
view of the cross hairs. Additionally, the diaphragm can be illuminated for night or
tunnel work. When the main telescope is rotated in altitude about the tilting axis
from one direction to face in the opposite direction it has been transited. The side of
the main telescope, viewed from the eyepiece, containing the vertical circle is called
the face, which is labelled as face left (or face I) and face right (or face II) — transiting
the telescope changes the face.

Built into the standard containing the vertical circle is a device called an automatic
vertical index. This is similar to the compensator in an automatic level (see Section 2.2)
and its function, after the instrument has been levelled, is to set the vertical circle such
that it normally reads 0° at the zenith with 90° or 270° defining the horizontal.

Electronic components

Both the horizontal and vertical measuring systems fitted into electronic theodolites
use glass circles with binary codes etched on them. Within the theodolite, light is
passed through the encoded circles and the varying intensity of light passing
through these as the theodolite is rotated during a measurement varies in proportion
to the angle through which the theodolite has been rotated. This varying light inten-
sity is converted into digital signals by photodiodes, and these in turn are passed to a
microprocessor, which converts the signal into an angular output.

The microprocessor is accessed through a keyboard and Liquid Crystal Display
(LCD) as shown for the Nikon NE103 in Figure 3.7. On some instruments, the display
and keyboard are mounted on both sides (faces) of the theodolite, but to save costs a
few instruments have them on one side only. The various keys perform the following
functions

o Provides illumination for the LCD panel and telescope cross hairs
(diaphragm).
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v

Figure 3.7 ® Control panel of Nikon NE103 (courtesy Trimble & KOREC Group).
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The vertical circle of some electronic theodolites can be made to read the
vertical angle or percentage of slope instead of the zenith angle (see
Figure 3.8). This is assessed by pressing the %/VA key.

Conventionally, the horizontal circle of a theodolite is graduated clock-
wise when viewed from above. This means the readings increase when
the telescope is rotated clockwise or to the Right. By pressing the R/L key,
this direction can be reversed to make readings increase when the tele-
scope is rotated anti-clockwise or to the Left. This is a very useful feature
for setting out left-handed road curves (see Chapters 12 and 13) and in
other types of setting out (see Chapter 11).

Once pressed, this holds the current horizontal angle reading on the
display until it is pressed a second time. This is used when setting the
horizontal circle to a particular value.

This enables a reading of 00°00'00" to be set on the horizontal circle in the
direction in which the theodolite is pointing. On some theodolites, this
function is called ZERO SET or O SET.

In addition to the basic keyboard operations, a menu system can be accessed, and
it is possible to change the angular output from 360° degrees-minutes-seconds to

Zenith angle 0°
(zenith = 0°)

Vertical angle 90°

(horizontal = 0°)
+ & +

270° Y HT[ 90° 0° il Lm 0°

=

* 100% 100%
180° /_Ei\ —90°
I

0% \UJ 0%
N

=]
-100% %@ -100%

! Percentage of slope

Figure 3.8 @ Vertical angle measurement modes (courtesy of Sokkia Topcon Co Ltd).
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360° decimal or to 400 gons. Electronic theodolites often use AA type batteries or
similar as their power source, from which it is possible to get about 20 hours use. Also
on the display is a three-level bar graph showing the remaining battery level. In order
to save power, most instruments have a power-saving function which automatically
turns off the instrument after 10 or 30 minutes.

Although it is possible to record readings manually in field books when using an
electronic theodolite, since angle information is generated in a digital format this can
be transmitted by some theodolites to a suitable storage device for recording and
processing by a computer. Data is transferred by connecting a storage device to a data
port on the side of the theodolite or to a memory card. Electronic storage devices and
methods of data capture are described in more detail in Section 5.4.

Single and dual-axis compensation

Most theodolites and total stations have single or dual-axis compensation as an inte-
gral part of the angle measuring system. When in use, theodolites and total stations
have to be levelled manually using the footscrews, and the procedure for doing this
with a plate level or electronic level is described in Section 3.5. However, no matter
how carefully either instrument is levelled, it is unusual for the vertical axis to coin-
cide exactly with the vertical, and this tilt, even though it is small, can give rise to er-
rors in displayed horizontal and vertical angles. Electronic theodolites and total
stations correct for the effects of vertical axis tilt using a liquid or pendulum type
compensator.

The effect of vertical axis tilt in the direction in which the telescope is pointing is
shown in Figure 3.9. As can be seen, this causes an error in vertical angles and this is
compensated automatically by some electronic theodolites, which apply a correction
to the vertical angle. This is known as single-axis compensation and most devices for
this usually have a working range of about +3'.

Vertical

* N\eas‘“e

 Line of sight

' / to target

\nc\'\ned theodo\'\te horl

/ A Tilt
Horizontal
plane

70 nta\

\ite

Tachined
theod®
yertical

\J
=

Figure 3.9 @ Effect of vertical axis tilt along line of sight.
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(a) Vertical axis not tilted: (b) Vertical axis tilted:

horizontal reading h recorded horizontal reading hy and
for targets T1 and T2 hy recorded for targets

T1 and T2 instead of h
Figure 3.10 @ Effect of vertical axis tilt along the tilting axis.

Dual-axis compensators measure the effect of an inclined vertical axis not only in
the direction in which the telescope is pointing (single-axis compensation) but also
in the direction of the tilting axis. The effect of an inclined tilting axis is to produce
errors in horizontal angles (see Figure 3.10) and it can be shown that the error is
proportional to the tangent of the vertical angle of the telescope pointing. Conse-
quently, for steep sightings and for precise work, this error could be significant. A
dual-axis compensator will correct not only for vertical axis tilt in the direction of the
telescope, but will also measure tilting axis dislevelment and correct horizontal circle
readings automatically for this error.

Specialised theodolites

Industrial theodolites are electronic theodolites that are used for precise measurement
and setting out on site. They have a very high angular accuracy specification of 0.5",
incorporate features such as motorised drives and, when operated on-line with
computer and special applications software, can process spatial data in real time. The
Leica TMS5100A industrial theodolite is shown in Figure 3.11.

Laser theodolites are conventional theodolites that have a visible laser built into
them for alignment purposes. Sokkia’s LDT520 and Topcon’s DT200L series elec-
tronic laser theodolites have a coaxial laser beam that projects along the line of sight
of the instrument — further details of these instruments and their applications are
given in Section 11.5.

A gyrotheodolite is a north-seeking gyroscope combined with an electronic theodolite
or total station. Normally, theodolites and total stations are used to measure angles be-
tween two or more points, but it is the bearings of the lines that are required and these
are derived from the measured angles (a description of bearings and how these are ob-
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Figure 3.11 ® Leica TM5100A industrial theodolite (courtesy Leica Geosystems).

tained from angles are given in Section 6.5 in Calculation of whole-circle bearings). How-
ever, by attaching a gyroscope to a theodolite or total station, bearings relative to true
north can be obtained directly. Gyrotheodolites are used extensively in tunnelling and
mining to measure, set out and check bearings. Sokkia’s GP3 130R3 Gyro Station and
the Gyromat 3000 manufactured by DMT GmbH are shown in Figure 3.12.

Sokkia GP3 130R3 Gyromat 3000
Figure 3.12 ® Gyrotheodolites (courtesy Sokkia Topcon Co Ltd and DMT GmBH).
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With reference to electronic theodolites, remember:

— The instrument is much more complicated than a level and before attempting
any measurements with a theodolite it is worthwhile becoming familiar with all
the controls and especially the electronic functions — this may save time and
reduce the chance of errors occurring when on site.

— Most instruments are fitted with a single or dual-axis compensator — the advan-
tages of and the difference between these must be fully understood.

— Atotal station is very similar in appearance to an electronic theodolite and is used
in much the same way - the difference between them is the ability of the total
station to measure distances as well as angles.

— Because the instrument is electronic, it is necessary to ensure that replacement
batteries are always available when on site. A lot of time can be wasted if a battery
runs out or is not charged sufficiently while work is being carried out at a remote
location or a long way from the site office.

3.4 Optical theodolites

After studying this section you should be aware of the differences between the
reading systems of electronic and optical theodolites.

How to read an optical theodolite

These instruments also measure horizontal and vertical angles and have features
similar to electronic theodolites. However, the reading systems are very different and
rely on manual operation and recording. When taking a reading with an optical
theodolite, light is directed into the instrument and is passed through the horizontal
and vertical circles, both of which are made of glass and have angular graduations
rather than being binary coded. The images of the circles are then viewed through a
special reading telescope situated next to the main telescope. There are three types of
reading system in use.

An optical scale reading system is shown in Figure 3.13 for the Wild T16 theodolite.
The readings shown are obtained directly to 1' from two fixed scales shown superim-
posed on portions of the horizontal and vertical circles corresponding to the
pointing of the instrument and telescope.

The single reading optical micrometer system of the Wild T1 theodolite is shown in
Figure 3.14. In this case, a reading is made up of two parts: a circle reading added to a
micrometer reading. In order to take the horizontal reading shown, a micrometer
screw situated on one of the standards has been adjusted such that the 327° mark lies
in between the two fixed lines on the Hz frame. The amount of rotation required to
achieve this setting is recorded on the micrometer scale as 59'36". If the vertical circle
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0 20 30 40 50

236 235

Vertical circle reading 96°06.5'
Horizontal circle reading 235°56.4'

Figure 3.13 @ Wild T16 optical scale reading system (courtesy Leica Geosystems).

59'36"
Q' Ao"

240" 250"
v e ey

Horizontal circle reading 327°59'36" Horizontal or vertical circle reading 94°12'44"
Figure 3.14 @ Wild T1 single reading Figure 3.15 ® Wild T2 double reading
optical micrometer system (courtesy optical micrometer system (courtesy
Leica Geosystems). Leica Geosystems).

is to be read at the same telescope setting, it is necessary to reset the micrometer and
read the vertical angle separately. The reading interval of the Wild T1 is 6".

The double reading optical micrometer system of the Wild T2 is shown in Figure 3.15. In
this case, the micrometer screw is turned until the lines seen in the upper frame of the
reading telescope are all coincident. The reading is obtained by adding a circle reading
of 94°10' to a micrometer reading of 2'44". These instruments usually do not show the
horizontal and vertical scales together and a change-over switch is provided to transfer
from one scale to the other. The reading interval of the Wild T2 is 1".
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With reference to optical theodolites, remember:

— Although still in use, this type of theodolite has been replaced by the electronic
theodolite and total station for nearly all work on site.

— Optical theodolites are not as easy to read as electronic theodolites and great care is
needed when measuring angles with them, as it is easy to make a mistake when
reading the scales and to forget to set a micrometer.

3.5 Measuring and setting out angles

After studying this section you should be familiar with the methods used to centre
and level a theodolite and total station. You should also know how to use a theodo-
lite and total station to measure and set out angles.

This section includes the following topics:

® Setting up a theodolite
® Measuring angles
® Booking and calculating angles

® Setting out angles

Setting up a theodolite

The process of setting up a theodolite is carried out in three stages: centring the
theodolite, levelling the theodolite and elimination of parallax.

It is possible to centre a theodolite using a number of different methods and
everyone has their own preferred method. Any technique used to centre a theodolite
is perfectly acceptable as long as it is quick, accurate and not likely to damage the
theodolite. Remember that the object of centring involves setting the vertical axis of
the theodolite directly over a point of some sort. The procedure described below is
recommended, where it is assumed that the theodolite is to be centred over a nail in
the top of a peg which has been driven into the ground - this is a typical point or
reference mark used in construction and setting out.

® Leaving the instrument in its case, the tripod is first set up over the peg. The legs of
the tripod are placed an equal distance from the peg and are extended to suit the
height of the observer. The tripod head should be made as level as possible by eye.

® Standing back a few paces from the tripod, the centre of the tripod head is checked
to see if it is vertically above the peg — this should be done by eye from two
directions at right angles. If the tripod is not centred, each leg is moved a distance
equal to the amount the tripod is judged to be off-centre and in the same direction
in which it is not centred. It is important to keep the tripod head level when
changing its position. When the tripod has been centred in this way, the tripod
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legs are pushed firmly into the ground. If one foot goes in more than the others,
making the tripod head go off level, this can be allowed for by loosening the clamp
of the tripod leg affected, adjusting the length and then re-clamping.

® The theodolite is carefully taken out of its case, its exact position being noted to
help in replacement, and it is securely attached to the tripod head. Whenever
carrying a theodolite, always hold it by the standards and not the telescope. Never
let go of the theodolite until it is firmly screwed onto the tripod.

® The ground mark under the theodolite is now observed through the optical
plummet. The focus and reference mark (either cross hairs or a circle) are adjusted
such that, in this case, the nail in the peg and the plummet's reference mark are
seen together in clear focus. By adjusting the three footscrews, the image of the
nail seen through the plummet is moved until it coincides with the reference
mark. If the instrument is fitted with a laser plummet, the footscrews are adjusted
so that the beam is centred on the ground mark (nail).

® The circular bubble on the tribrach or upper part of the theodolite is now centred
by adjusting the length of individual tripod legs, as required. Take care to ensure
that the tripod feet do not move and that the instrument remains centred over the
ground mark whilst doing this.

At this stage, the theodolite is almost centred and is almost level. To level the in-
strument exactly, the plate or electronic level is used. The procedure for doing this
with a plate level is as follows and is the only procedure recommended for a three-
footscrew instrument.

® The theodolite is rotated about its vertical axis until the plate level axis is parallel to
the line through any two footscrews. This is position 1 shown in Figure 3.16(a).
These two footscrews are turned until the plate level bubble is brought to the
centre of its run. The levelling footscrews should be turned in opposite directions
simultaneously, remembering that the bubble will move in a direction
corresponding to the movement of the left thumb.

® The instrument is rotated 90° about its vertical axis such that the plate level is now
in position 2 shown in Figure 3.16(b) and the bubble is centred again but using the
third footscrew only.

® This process is repeated until the plate level bubble is central in positions 1 and 2.

® The instrument is now rotated about its vertical axis until the plate level is in a
position 180° from position 1. This is position 3 shown in Figure 3.16(c). The
position of the bubble in its tube relative to the tube graduations is noted.

® The instrument is rotated about its vertical axis by a further 90° so that the plate
level is now 180° opposite to position 2. This is position 4 shown in Figure 3.16(d).
The position of the bubble in its tube relative to the tube graduations is again
noted.

® [f the plate level bubble does not move from the centre of its run in positions 3 and
4, the instrument is level and no further adjustment is needed.

® [f the bubble is not central, it has an error and further adjustments are needed to
level the theodolite. When the plate level bubble is not central in positions 3 and 4,
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Figure 3.16 ® Levelling a theodolite.
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it should be off-centre by the same amount in both positions and the error in the
bubble is half of this. If, for example, the bubble is two graduations (or divisions) to
the left in positions 3 and 4, the error in the bubble is one division to the left.

® To continue levelling when the plate level has an error, the theodolite is returned
to position 1 and using the two footscrews in line with the axis of the plate level,
the bubble is placed in a position the same as the error in the bubble. Using the
example given above, the bubble would be placed one division to the left.

® The instrument is then turned to position 2 and, using the third footscrew, the
plate level bubble is again placed in a position the same as the error in the bubble
(one division to the left again).

® This process is repeated until the plate level bubble is located in a position the same
as the error in the bubble in positions 1 and 2.

® The instrument is now slowly rotated about its vertical axis through 360° and the
plate level bubble should remain in the same position throughout. The theodolite
has now been levelled and the vertical axis coincides with the true vertical through

the instrument.
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® [f the plate level bubble does not stay in the same position when the theodolite is
slowly rotated though 360° about its vertical axis, then it is not level and the whole
levelling procedure should be repeated.

Examining this procedure, it can be seen that the plate level bubble is not
necessarily in the centre of its run when the theodolite is level but is set up in a
position equal to the error in the bubble. However, as long as the plate level is set up
so that the bubble remains in this position, the theodolite is level and can be used
perfectly satisfactorily until the plate level is adjusted (see Section 3.6).

The procedure for levelling a theodolite electronically is as follows. To start the
process, the theodolite is switched on, which automatically activates the electronic
level and laser plummet (if fitted). As described previously, the tripod is set up over
the ground mark (a peg with nail in it) and the footscrews are used to centre the laser
or optical plummet on this. The circular bubble on the tribrach or upper part of the
theodolite is now centred by adjusting the length of the tripod legs. Following this,
the instrument is rotated about its vertical axis until one of its control panels is par-
allel to the line through any two footscrews. The display for the electronic level
shows how to adjust these two footscrews to centre one of the electronic bubbles
(see Figure 3.17(a)) and when this has been done successfully, two check marks cor-
responding to the two footscrews confirm this (see Figure 3.17(b)). Once the level-
ling procedure has started, the theodolite must not be rotated and the third footscrew
is used to centre the second electronic bubble at right angles to the first, by turning it
in the direction shown on the display (see Figure 3.17(b)): when this has been done
successfully, another check mark for the third footscrew confirms this (see Figure 3.
17(c)). At this point, the theodolite has been levelled and OK is pressed. The symbol
at the left-hand side of the displays in Figure 3.17 indicates the intensity setting of
the laser plummet and can be ignored during the levelling procedure. All electronic
theodolites (and total stations) will give a warning if they are not levelled properly
and some will not function until they have been re-levelled.

At this stage, the theodolite is levelled but will not be centred exactly. After the
theodolite has been levelled, centring is carried out as follows:

® The clamping screw on the tripod is undone and the theodolite is moved by sliding
it on the tripod head until it appears centred by looking through the optical
plummet or by centring a laser plummet.

® The levelling should be checked, as centring in this way can change the position of
the plate or electronic level. If it has changed, it should be re-levelled and the
centring checked afterwards.

When using the optical or laser plummet for centring, it is essential that the
theodolite is properly levelled before this is done. If the theodolite is not levelled, the

Figure 3.17 @ Electronic levelling (courtesy Leica Geosystems).
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axis of the plummet will not be vertical and even though it may appear to be centred,
the theodolite will be miscentred.

When the theodolite has been levelled and centred, parallax is eliminated by accu-
rately focusing the cross hairs of the telescope against a light background and
focusing the instrument on a distant target.

At this stage the theodolite is ready for reading angles or for setting out. If any
point is occupied for a long time, it is necessary to check the levelling and centring at
frequent intervals, especially when working on soft ground or in hot sunshine.

All of the procedures given in this section for setting up a theodolite are also used
when centring and levelling a total station. They are also used for setting up a tripod-
mounted GNSS antenna over a control point.

Measuring angles

This section assumes that a theodolite has been levelled and centred over a survey
point W and the horizontal and vertical angles to three distant points X, Y and Z are
to be measured as shown in Figure 3.18.

In order to be able to measure the directions to X, Y and Z, it may be necessary to
establish targets at these points. All targets, whatever type of survey work they are
being used for, should be centred exactly, whether this is over a ground marker, a nail
in a peg or some other survey point, and it should be easy to take accurate sightings to
them.

The targets used for the majority of observations on site are specially manufactured
for this purpose and, if a total station is being used, are combined with a reflecting
prism to enable distances to be measured to a given point at the same time as angles.
A typical arrangement is shown in Figure 3.19 in which the target is fixed to a
tribrach and is tripod mounted. When the tribrach has been levelled and centred
(the procedure is the same as for a theodolite), the points for measuring horizontal
and vertical angles are set in their correct positions. This type of target is used
when taking measurements with a total station and further examples are given in
Section 5.2.

X (RO)
Y
w
7 '
Figure 3.18 ® Measurement of Figure 3.19 @ Survey target and prism

angles at point W. (courtesy York Survey Supply Centre).
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If pole sighted at
centre of prism
centring error e will
occur

~— Pole not vertical

Figure 3.20 @ Detail pole (courtesy York Figure 3.21 e Centring errors if detail
Survey Supply Centre). pole not held vertical.

As an alternative to a tripod mounted target, a detail pole (see Figure 3.20) can be
held on a control or setting out point during a survey. However, if care is not taken
centring errors will be introduced into angular observations if the pole is not held
vertically — this is shown in Figure 3.21, where it can be seen that sightings taken
lower on the pole will result in smaller centring errors. To avoid this error, most detail
poles are fitted with a circular bubble which helps keep it vertical when hand held.
The effect of miscentring a target or theodolite is discussed further in Section 3.6. If
the pole is to be sighted without a prism or target attached, the width of the pole
should be proportional to the length of sight and, ideally, should be about the same
size as a cross hair when viewed through the telescope. Clearly, it is a waste of time
trying to observe a direction to a detail pole when the line of sight is short, since accu-
rate bisection is difficult. Table 3.1 can be of use here again, but for assessing the
required width of a target in this case. For example, a 20 mm wide detail pole is equiv-
alent to an angle of 80" over a distance of 50 m — measuring angles to a precision of 5"
or 10" with this would not be possible.

Another target available for angle and distance measurements is the handheld
mini-prism assembly shown in Figure 3.22. If required, this can be used on its own or
it can be attached to a detail pole.

Figure 3.22 @ Handheld mini-prism assembly (courtesy York Survey Supply Centre).
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On construction sites, the survey point to be sighted is usually a nail in the top of a
wooden peg - the nail should be observed directly if possible, but holding a pencil on
it can help. For some measurements, a tripod can be set up and a plumb bob can be
suspended from it directly over the survey point. The plumb line can then be
observed, but it is better to attach a string target to it.

Assuming suitable targets are in place at X, Y and Z in Figure 3.18, the observation
procedure at W starts with the horizontal angles. For this, one of the points has to be
chosen as the reference object (RO). Point X is chosen in this case and all the horizontal
angles are referred to this point, in which the horizontal angles XWY and XWZ are to
be measured. Table 3.2 shows some example readings for both the horizontal and
vertical angles observed at point W.

Table 3.2 @ Horizontal and vertical angle bookings with calculations.

85

Angles at POINT W

Horizontal readings
POINT FACE LEFT FACE RIGHT MEAN ANGLE
X (RO) 00 03 50 180 04 30 000410
Y 17 2210 197 2310 17 22 40 1718 30
z 83 58 50 264 00 00 835925 835515
X (RO) 451230 22513 30 451300
Y 623110 2423210 62 31 40 17 18 40
Z 129 07 30 309 08 40 129 08 05 83 5505
FINAL HORIZONTAL ANGLES
XWY =17 18 35 XWZ = 83 55 10
Vertical readings
POINT with target FACE LEFT FACE RIGHT REDUCED REDUCED
height FACE LEFT FACE RIGHT
X1.16 m 8810 30 271 51 20 +01 49 30 +01 51 20
Y1.52m 89 34 50 270 27 30 +00 2510 +00 27 30
Z1.47 m 92 48 20 267 13 40 -02 48 20 -02 46 20
FINAL VERTICAL ANGLES
X =+01 50 25 Y =+00 26 20 Z=-024720

Note: The date, observer and booker (if not the observer), the survey title, theodolite number, weather conditions, a sketch

similar to Figure 3.18 and anything else relevant should be recorded as well as the angle readings
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All observations require the operator to bisect each target exactly. To do this, one
of the sights on the telescope (or collimators) is first used to point the telescope
approximately at a target and the horizontal and vertical clamps are tightened. For
horizontal angles, it is necessary that the vertical hair of the cross hairs is made coin-
cident with the target when viewed through the telescope. To do this, the target is
sighted by adjusting the horizontal tangent screw such that the vertical hair bisects
the target exactly. This is very important — any small difference between the target
and hair will cause an error in the displayed angle.

At the start of the measuring procedure, a reading is set on the theodolite in the
face left (FL) position along the direction to the RO. When using an electronic
theodolite, a reading of exactly 00°00'00" can be set by pressing the 0 SET key when
the theodolite is pointing at the RO, which is point X in this case. If some other
reading is required to an RO, the following procedure is used. The theodolite is
rotated until a horizontal reading close to the one required is displayed, the hori-
zontal circle is clamped and the tangent screw is used to obtain the desired reading.
Following this, the HOLD key is pressed and the RO sighted in the usual manner: the
required reading should now be set along the direction to the RO. Finally, the HOLD
key is pressed again and readings will now change as the theodolite is rotated.

Having set the required direction to X as 00°03'50" on FL in this case, the procedure
for measuring angles continues as follows.

® Points Y and Z are sighted in turn and the horizontal circle readings are recorded as
17°22'10" and 83°58'50". The telescope is transited so that the theodolite is now in
the face right (FR) position and horizontal circle readings are recorded at Z, Y and X
in the reverse order.

® At this stage, one round of angles has been completed. The theodolite is changed to
face left and the zero changed by setting the horizontal circle to read something
different from the reading set for the first round when sighting X, the RO. It is not
necessary to set an exact reading on the second round, but it is important to realise
that as well as changing the degrees setting to the RO, the setting of the minutes
and seconds should also be different from that of the first round. In this case, the
face left reading to X at the start of the second round is 45°12'30" compared with
00°03'50" for the first round.

® A second round of angles is taken. At least two rounds of angles should be taken at
each survey point in order to detect errors when the angles are computed, since
each round is assumed to be independently observed. Both rounds must be
computed and compared before the instrument and tripod are moved to another
point in case it is necessary to re-observe.

The procedure for measuring zenith or vertical angles is similar to that for horizontal
angles but in this case, the vertical circle is orientated by the automatic vertical index.
Vertical angles should be read after the horizontal angles to avoid confusion when
booking and they can be observed in any order. It is usual to take all face left readings
first and it is normal that only one round of angles is taken. For vertical angles, the
vertical tangent screw is adjusted such that the horizontal hair bisects the target exactly.
Finally, and when required, the height of each target should also be measured.

Having finished measuring and calculating all the angles and having achieved sat-
isfactory results, the levelling and centring are finally checked in case any unnoticed
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movement has occurred whilst observing the angles. If these are satisfactory, the
theodolite is carefully removed from the tripod head and put back in its case. Before
removing the theodolite from the tripod head, the three footscrews should be set
central in their runs. If it is found that the instrument is not level or is not centred for
some reason, these should be corrected and another round of angles taken and
compared with those already measured.

If other survey points are to be occupied, the theodolite must always be put back in
its box before being carried to the next point. It must never be left on the tripod when
moving between stations, since this can distort the axes and, if the operator trips or
falls, the instrument may be severely damaged.

All of the procedures given here for measuring angles with a theodolite can also be
used with total stations.

Booking and calculating angles

Table 3.2 shows the horizontal and vertical angle booking and calculation for points
X, Y and Z observed from station W. Many different formats exist for recording and
calculating angles and only one method is shown here.

For the horizontal angle readings, all the points observed for both rounds are entered
in the POINT, FACE LEFT and FACE RIGHT columns as appropriate. The mean hori-
zontal circle readings are obtained by averaging each pair of face left and face right
readings. To simplify these calculations, the degrees of the face left readings are
carried through and only the minutes and seconds values are averaged and written in
the MEAN column. The mean horizontal circle readings are then reduced to the RO
in the ANGLE column to give the horizontal angles. The FINAL HORIZONTAL
ANGLES are obtained by taking the average of the two rounds.

From the vertical circle readings obtained, it can be seen that the vertical circle is set
with 0° at the zenith. Although zenith angles can be used in survey calculations,
when angles are reduced by hand in this way, it is usual to reduce the vertical FL and
FR zenith readings to their equivalent vertical angles. These are given by

FL vertical angle = 90° — FL zenith reading
FR vertical angle = FR zenith reading — 270°

On the angle booking form, these are computed using

REDUCED FACE LEFT = 90° — FACE LEFT
REDUCED FACE RIGHT = FACE RIGHT - 270°

Each FINAL VERTICAL ANGLE is obtained by averaging the reduced FL and FR
values.

Zenith and vertical angles are often measured to enable height differences to be
calculated. The procedures and calculations required for this are given in Section 5.6.

In addition to the procedures given above for the calculation of horizontal and
vertical angles, the following should also be adopted as good practice when recording
and processing angular readings.

® [f a single figure occurs in any reading, for example, a 2 or a 4, this should be
recorded as 02 or 04.
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® [f a mistake is made, the number should always be rewritten, for example, if an 8 is
written and should be 9, this should be recorded as 8§ 9.

® Never copy out observations from one field sheet or field book to another.

® As readings are entered into the form, they should be checked for consistency in
horizontal collimation in the horizontal angles and vertical collimation in the vertical
angles. Referring to Table 3.2, the checks are as follows. For horizontal angles, the
difference between each FL and FR reading is first checked to see if they differ by
180°, for example 0° and 180° at X, 17° and 197° at Y and so on. Secondly, the
difference (FL - FR) is computed for each sighting considering minutes and
seconds only. This gives the following results for the first round:

Station (FL - FR)
X -00'40"
Y -01'00"
Z -01'10"

Assuming a 10" theodolite was used to record the two rounds, this shows the
readings to be satisfactory since (FL — FR), for a 10" theodolite, should agree to
within about 30" for each point observed. If, for example, the difference for station
Z was - 11'10" then an operator error of 10' is immediately apparent. In such a case,
the readings for station Z would be checked. For a 1" theodolite (FL — FR) should
agree within a few seconds, depending on the length of sight and the type of target
used. A similar process is applied to the vertical circle readings to check for consis-
tency in vertical collimation. In this case FL + FR should = 360° and, for station X, FL
+ FR = 88°10'30" + 271°51'20" = 360°01'50". For stations Y and Z, 360°02'20" and
360°02'00" are obtained. All three values agree very closely, which shows the read-
ings to be consistent and therefore acceptable.

The method of reading angles may be thought to be somewhat lengthy and repetitious,
but it is necessary to use this so that instrumental errors are eliminated (see Section 3.6).

The procedure described above can be applied to any type of theodolite and is used
when angles are recorded and processed by hand on a booking form. However, if an
electronic theodolite or total station is used for measuring angles, it is not usually neces-
sary for the operator to write anything on a booking form and all readings will either be
stored directly in some sort of data collector or internally within the instrument. At the
press of a key, the horizontal and vertical angles can be calculated and then stored as
well, but this might be done at a later stage by downloading the data into a computer
installed with appropriate software. For setting out work, horizontal angles can also be
viewed directly on the instrument’s display by sighting the RO and pressing the 0 SET
key to read 00°00'00". Any subsequent pointing will then be an angle, but this will be
measured on one face only and unless the instrument is properly calibrated, may be
liable to instrumental errors — this is discussed further in Section 3.6.

Setting out angles

Although it is possible to measure angles with a theodolite using the procedures de-
scribed in the previous section, it is usual to do this with a total station and measure
distances at the same time. However, some work on site only requires angular mea-
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Figure 3.23 @ Extending a straight line.

surements and can be carried out with a theodolite, although a total station could be
used in angular mode.

Setting out is a term used to describe that part of engineering surveying where the
points marking new structures are put in place ready for construction. Many different
methods are use for this, and because it is such an important topic it is covered sepa-
rately in Chapter 11. However, when appropriate, some parts of setting out are de-
scribed in other chapters, as is the case here.

Several techniques commonly used when setting out angles are given below.

® FExtending a line

To extend the line AB shown in Figure 3.23, the theodolite is set up at B and point
A is sighted on face left. Keeping the horizontal clamp locked, the telescope is
transited to face right and because the instrument is likely to have a horizontal
collimation error, point C’ is established on the line of sight instead of C, the exact
continuation of AB. The horizontal clamp is now released, the instrument is ro-
tated and A sighted once again. When the telescope is transited back to face left
again, point C” can be established next to C”: point C will then be located midway
between C” and C”. If this procedure is not adopted when prolonging a straight
line, a serious error can occur when setting out point C, especially over long dis-
tances. Another source of error when prolonging a straight line can be caused by
not levelling the theodolite properly but errors arising from this source are usually
small and can be ignored. However, care must be taken to level the theodolite
properly when steep sightings are taken to extend a line to the upper floor of a
building or into a deep trench.

® Extending a line if the theodolite has a dual axis compensator
The following procedure can be used to extend a line on both faces and remove
any collimation errors plus those caused by not levelling the theodolite exactly.
On face left, point A is sighted as usual but instead of transiting the telescope, it is
rotated through exactly 180° and point C” is established (as in Figure 3.23). Chang-
ing to face right, A is sighted again, the telescope rotated through exactly 180° and
point C’ is established. Point C is once again midway between C" and C”.

® Setting out intermediate points in between two fixed points
When it is possible to occupy and observe between the two fixed points (say A and
B), a theodolite is set up at A, B is sighted on either face and all intervening points
can then established directly on the line of sight of the telescope. A good example
of this on site occurs when establishing column or other positions on a structural
grid. In this case, two theodolites are set up to define two lines of sight at right an-
gles to each other and column positions are fixed at the intersection of these two
lines (this is described further in Section 11.4). This is the best way of setting out
points in straight lines - it should not be done with a total station or by GNSS
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methods using coordinates. For this type of work, it is not necessary to set out the
points on both faces from A provided the telescope is positioned at about the same
elevation to that when B was sighted. When it is necessary to tilt the telescope to
very large vertical angles compared to that when B was sighted, the intervening
points should be set out on both faces and the mean positions used.

Lining in

On some projects, it is sometimes necessary to set up the theodolite on the line be-
tween two fixed points. Sometimes called lining in, this is usually done when con-
trol points A and B cannot be occupied or when they are not intervisible. The
procedure for this is as follows. The theodolite is set up at an estimated point C, as
close as possible to the line, from which both A and B can be observed. Point A is
intersected, the telescope is transited or rotated through 180° and a sighting taken
to B where the position of the line of sight is noted. The distance that the theodo-
lite must be moved in order to intersect B is estimated, the theodolite is reposi-
tioned and the procedure repeated until point B is intersected exactly after
transiting or rotating the telescope. For best results, this procedure should be done
on both faces of the instrument which will result in two positions being estab-
lished at C - the point required on the line AB will be midway between these.

Setting out right angles

To do this, the theodolite is set up at one end of a line and sighted onto the other
and a reading of exactly 00°00'00" obtained by pressing the 0 SET key. The instru-
ment is then rotated clockwise until a reading of 90°00'00" is obtained or
anticlockwise until a reading of 270°00'00" is obtained to define the right angle to
the line along which the instrument was referenced. Alternatively, the R/L key can
be pressed to give a reading of 90°00'00" when the theodolite is rotated
anticlockwise to define the right angle. Once again, it is necessary to set out any
points by this method on both faces of the theodolite to remove any systematic in-
strumental errors and the theodolite must be levelled carefully for steep sightings.

Reflective summary w%

With reference to measuring and setting out angles, remember:

— When levelling and centring a theodolite or total station try to follow known
procedures rather than take short cuts as these can often lead to mistakes which
waste time. If, at any point in the setting up procedure it goes wrong, it is best to
put the instrument back in its case, lift the tripod out of the ground and start
again.

— For all work on site and elsewhere, good levelling and centring of a theodolite or
total station are essential and parallax must be removed before starting observa-
tions.

— For best results when measuring angles and setting out, proper targets should be
used to reduce the chance of errors occurring. Although detail poles are often
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used on site as targets, using these is not recommended because they are difficult
to keep vertical and they are too wide to take accurate sightings to.

— As with centring and levelling, always use the proper procedures when
measuring angles — if measurements do not include two independent rounds
taken on both faces of the theodolite, the results obtained are subject to gross
and systematic errors.

— When measuring horizontal angles, at least two independent rounds should be
taken so that mistakes can be detected. If necessary, additional rounds should be
taken until satisfactory results are obtained.

— Again for best results, all setting out carried out with a theodolite should be done on
both faces unless the instrument is calibrated or adjusted within acceptable limits.

3.6 Sources of error when measuring and setting out angles

After studying this section you should be aware of many of the sources of error that
can occur when using a theodolite and you should know how to implement field
procedures to eliminate or reduce the effects of these errors.

This section includes the following topics:

® Errors in the equipment
® Field or on site errors

® Observing on face left and face right

Errors in the equipment

Figure 3.24 shows the arrangements of the axes of a theodolite when it is in perfect
adjustment, in which

® the axis of the plate or electronic level should be perpendicular to the vertical axis
® the line of sight (collimation) should be perpendicular to the tilting axis
® the tilting axis should be perpendicular to the vertical axis

This configuration is rarely achieved in practice and any variation from these
conditions will cause errors in observed angles. The effects of the theodolite axes not
being in perfect adjustment and of other instrumental errors are discussed in the
following sections. As with most of the other sections in this chapter, the
information given here also applies to total stations. For optical theodolites, the
instrumental errors described in this section require mechanical adjustments to the
theodolite, but electronic theodolites and total stations are calibrated electronically.

Plate or electronic level not in adjustment

The purpose of levelling a theodolite or total station is to make its vertical axis coin-
cide with the vertical through the instrument. If the plate or electronic level is not in
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Vertical
axis

Figure 3.24 @ Theodolite axes.

adjustment, its axis is not perpendicular to the vertical axis and it is possible that
when the instrument appears to be level and the plate or electronic level bubbles are
centred, the vertical axis may be tilted. If the instrument is not level, it is not possible
to remove any errors caused by this when observing and setting out angles on both
faces.

It is quite easy to detect when a plate level is out of adjustment in the procedure given in
the previous section for levelling a theodolite. In this, and with reference to Figure 3.
16, the plate level bubble is centred in positions 1 and 2 and the instrument is then
rotated through 180° to position 3 and 4. If the bubble moves off centre in positions 3
and 4, the plate level is out of adjustment. To correct this at the time of setting up, the
footscrews are adjusted so that half the error is removed and the bubble stays in the
same, but off centre, position for a complete rotation of the instrument. The vertical
axis of the theodolite will now coincide with the true vertical through the instru-
ment.

Although it is still possible to measure angles even if the plate level is not in adjust-
ment, it can be difficult to level the instrument properly when the error becomes
large. At this point, the plate level must be adjusted and the manufacturer’s hand-
book should be consulted for guidance on how to do this.

If the theodolite is levelled electronically, it will be fitted with a dual-axis compensator
and it can calculate corrections for any errors caused by the instrument not being lev-
elled properly (vertical axis tilt) and will apply these to displayed horizontal and ver-
tical angles. However, the compensator itself may be out of adjustment. To correct
for this, an on-board electronic calibration can be carried out in which the compen-
sator index errors are measured and then automatically applied to all readings taken
using the theodolite. Further details of this are given in Section 5.5, where electronic
calibration for total stations is discussed. If the compensator index errors exceed a
specified limit, the theodolite should be returned to the manufacturer for adjust-
ment.

It can be shown that the error in horizontal angles caused by the theodolite not
being level is proportional to the tangent of the vertical angle of the line of sight.
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Consequently, it is important to ensure that the theodolite is carefully levelled for
any steep sightings, such as those taken to tall buildings and into deep excavations
when on site.

Horizontal collimation error

This error occurs when the line of sight is not perpendicular to the tilting axis and is
detected by taking face left and face right horizontal circle readings to the same point —
if these do not differ by exactly 180°, the theodolite has a horizontal collimation error.
In Table 3.2, the theodolite used to take the readings has a horizontal (FL — FR) differ-
ence of about 1'00", which shows the presence of a horizontal collimation error.

The error is removed by taking the average of face left and face right readings to
any given point and by taking the mid-point when setting out angles on both faces. It
can also be removed in an electronic calibration - see Section 5.5 for a description of
this. For best results it is also necessary to keep the telescope at similar elevations
when observing.

Tilting axis not horizontal

If the tilting axis of the theodolite is not perpendicular to the vertical axis, it will not
be horizontal when the theodolite has been levelled. Since the telescope rotates
about the tilting axis it will not move in a vertical plane, which will give rise to errors
in measured horizontal angles.

As with the horizontal collimation error, this error is also removed by taking the
average of face left and face right readings and by setting out on two faces. The error is
also removed if the theodolite is fitted with a dual-axis compensator.

Vertical collimation or vertical circle index error

When a theodolite is levelled, it is assumed that the automatic vertical circle index
normally sets the vertical circle to read 0° at the zenith such that 90° is horizontal on
face left and 270° is horizontal on face right. To detect this error, the same point is
sighted on face left and face right and vertical circle readings taken — when added
these should be exactly 360° or a vertical collimation error is present in the theodolite.
This error is shown in Table 3.2, where the theodolite used has a (FL + FR) consistency
of about 2'00".

The vertical collimation error is cancelled by taking the mean of face left and face
right readings after reducing them. Since this error is caused by the automatic vertical
index being out of adjustment, the theodolite should be returned to the manufac-
turer or supplier when adjustment becomes necessary. Alternatively, an electronic
calibration can be carried out.

Plummet

The plummet is an important part of the theodolite and accurate results cannot be
obtained for horizontal angles if it is out if adjustment. The line of collimation of a
plummet must coincide with the vertical axis of the theodolite, and to check if this is
in adjustment the following tests are carried out.
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For an optical plummet:

® [f the plummet is mounted on the upper part of the instrument and can be rotated about
the vertical axis (as in Figure 3.6(a)) secure a piece of paper on the ground below the
instrument and make a mark where the plummet intersects it. Rotate the
theodolite through 180° and make a second mark - if the marks coincide, the
plummet is in adjustment. If not, the correct position of the plummet axis is given
by a point midway between the two marks.

® [f the plummet is mounted on the tribrach and cannot be rotated without disturbing the
levelling (as in Figure 3.6(b)) set the theodolite on its side on a bench with its base facing
a wall and mark the point on the wall intersected by the plummet. Rotate the tribrach
through 180° and again mark the wall. If both marks coincide, the plummet is in
adjustment. If not, the correct position is the midway point as before.

In both cases, it is difficult to adjust the plummet precisely under site conditions. If
the plummet needs adjusting, it is best to return the theodolite to the manufacturer
or supplier.

Laser plummets are checked by setting up the theodolite on its tripod and levelling
the instrument. The laser plummet is switched on and the centre of the red spot is
marked on the ground. The instrument is rotated slowly through 360° and the posi-
tion of the spot is observed. If the centre of the spot makes a circular movement of
more than 1-2 mm instead of remaining stationary, the plummet needs adjusting.
For most instruments, this is carried out by the manufacturer.

Tribrachs and tripods

The clamping mechanism of tribrachs can become worn with time and it is possible
that the theodolite will move on the tripod head after the clamp has been tightened. If
this occurs regularly, the tribrach should be repaired or replaced. Some instruments
and tribrachs have circular bubbles fitted to them. Although these need not be pre-
cisely adjusted, they are used to help centre and level the instrument and adjustment
may be necessary from time to time. To do this, the theodolite is levelled using the
plate or electronic level — the circular bubble should now be centred in its circle. If it is
not, adjustment is carried out on site according to the manufacturer’s instructions.

A problem that can sometimes occur with tripods is that the joints between the
various parts become loose. Where adjusting screws are provided, these should be
kept tightened as instructed by the manufacturer. The shoes at the base of each leg
should also be inspected regularly to check that they have not become loose.

Importance of observing procedure with a theodolite

The methods given in the previous sections for reading and setting out angles may be
thought to be lengthy and sometimes repetitious, but it is necessary to use these so
that some instrumental errors are eliminated.

® By taking the mean of face left and face right readings for horizontal and vertical
angles or by setting out on both faces of the theodolite, the effects of systematic
instrumental errors such as horizontal collimation, vertical collimation and tilting axis
dislevelment are all eliminated.
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® Observing on both faces also removes any errors caused if the diaphragm is
inclined provided the same positions are used on each cross hair for observing.

® The effect of an inclined vertical axis (plate level not set correctly) is not eliminated
by observing on both faces, but any error arising from this is negligible if the
theodolite is carefully levelled. Since this error is proportional to the tangent of the
vertical angle of the sighting, care should be taken when recording angles to points
at significantly different elevations, as is often the case on construction sites.
However, when using an electronic theodolite with a dual-axis compensator, the
effect of improper levelling is corrected provided the theodolite is levelled such
that the tilt sensor is within its working range.

Quick procedure for checking a theodolite and total station

On site, it is good practice to test a theodolite or total station regularly to ensure that
it is free of any serious error or malfunction before it is used to measure or set out an-
gles.

For optical theodolites, the following checks should be carried out on any
instrument that has not been used before or one that not been used for some time.
The checks can be carried out anywhere convenient and it is not necessary to centre
the theodolite over a point.

® Carefully level the theodolite in the usual way noting how much the plate level
bubble is off centre when the instrument is level.

® Measure horizontal and vertical angles on both faces of the theodolite using any
clearly defined point as a target and check for horizontal and vertical collimation
eITOrS.

® Check the plummet.

If any of these checks show that the instrument needs to be adjusted, it is better not
to do this on site and the instrument should be returned to the manufacturer or
supplier. If the amount by which the theodolite is out of adjustment is not serious, the
instrument can still be used for measuring and setting out angles provided the proper
field procedures are used to eliminate or reduce the effects of any errors. However,
every attempt should be made to change the theodolite as soon as this is possible.

For electronic theodolites and total stations, an electronic calibration should be done
regularly. This can be carried out on site using the procedures described in Section 5.5.
When any electronic calibration parameter is too big, the instrument will usually tell
the operator and under these circumstances the instrument will have to be returned to
the manufacturer for a service and re-calibration. In addition to this, the mechanical
parts of the instrument, such as the plummet and tribrach, should also be checked.

Field or on site errors
Instrument not level

Failure to level a theodolite properly will cause the vertical axis to be tilted. Once the
theodolite has been levelled, if the plate or electronic level is in good adjustment, the
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main bubble will remain in the middle of its run for a full 360° rotation of the instru-
ment about its vertical axis and in the same, but not central, position if it is out of
adjustment. If either of these conditions are not met and the instrument has been
poorly levelled, errors will occur in measured angles that are not eliminated by
observing on face left and face right. Although instruments fitted with dual-axis
compensators can correct for the effects of a tilted vertical axis, it is still good practice
to take some care when levelling theodolites that have a compensator. If a theodolite
is found to be off level whilst measuring or setting out an angle, it is best to re-level
the instrument and repeat the measurements.

Miscentring

If a theodolite and targets are not centred exactly, incorrect horizontal angles will be
measured.

In Figure 3.25(a), horizontal angle ABC is to be measured but, owing to
miscentring, the theodolite is set up over B’ instead of B and horizontal angle AB’C is
measured instead. The error in angle ABC will be (o + ), where

e . ABC
o =——-1:5In
Dyg

As an example, if ABC = 120°, Dag = Dpc = 50 m and the theodolite is miscentred by
5 mm, the error in the measured angle will be 36".

In Figure 3.25(b), the targets are miscentred at right angles to each line of sight by
m at A’ and C” and horizontal angle A’BC’ is measured instead of ABC. Although the
targets could be miscentred in any direction, Figure 3.25(b) shows the positions of A’
and C’ that give the worst error in measured angle ABC caused by miscentring the tar-
gets. The error in angle ABC is (6 + €), where

] radians B= DL sin[ABC

BC

] radians

m . m .
8 = —— radians & = ——radians
AB Dgc

If Dag = Dpc = 50 m and the targets are miscentred by 5 mm, the error in the mea-
sured angle will be 41”.

These are significant errors, and for smaller values of D the errors in the measured
angle will increase; therefore great care must be taken with centring both the theodolite
and targets when sighting over the short distances that are often used on site and in engineer-
ing surveying. Provided they are in adjustment, it should be possible to centre a the-

Theodolite miscentred Targets miscentred
(@ (b)
Figure 3.25 @ Miscentring.
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odolite and targets using plummets to within 1 or 2 mm, whereas a plumb line may
only be accurate to 5 mm. To avoid centring errors completely, the theodolite should
be mounted on a pillar instead of a tripod (see Section 6.3 and Figure 8.9), but it is
only necessary to use these when high precision is required.

Errors in the measured angle will also occur if a detail pole is used as a target and is
not held vertically, as shown in Figure 3.21. If the top of the pole was miscentred by
25mm at A”and C’ in Figure 3.25(b), over a sighting distance of 50 m this would give
an unacceptable error of 3'26" in the measured angle ABC. As can be seen, it is not
good practice to use a detail pole if high precision is needed when measuring and set-
ting out angles.

Not using theodolite properly

It is essential that the telescope of a theodolite is adjusted correctly. At the start of
observations, parallax must be removed and as work proceeds, the focus has to be
changed for each target so that accurate intersection is possible. When sighting a
target or survey point, the tangent screws have to be adjusted to intersect it exactly or
errors will be present in measured angles and when setting out. As well as proper
intersection of targets, care should be taken not to lean on the tripod at any time as
this may cause the instrument to go off level.

Weather and ground conditions

If a tripod is set up on soft ground or tarmac on a hot day, it could gradually settle and
the operator may not realise, whilst measurements are being taken, that the theodo-
lite is no longer level. When it is necessary to set a theodolite up on unstable ground,
measurements should be taken as quickly as possible and the plate or electronic level
should be checked frequently to ensure that the theodolite remains level. If the the-
odolite is fitted with a compensator, it will display a warning when dislevelment ex-
ceeds the range of the tilt sensor. It is also possible for a theodolite to become
dislevelled when it has been set up in hot sunshine and to prevent this happening, it
may be necessary to shade the instrument in extreme conditions. Again in hot
weather, refraction can cause a heat shimmer close to the ground and observations
may become impossible in such conditions. In addition, lateral refraction in tunnels
can cause large errors in horizontal angles unless special observing procedures are
adopted and frequent checks are made.

Temperature differences between the theodolite and its environment may effect
the compensator and give rise to measurement errors. As a rule of thumb, the time it
takes a compensator to adjust to atmospheric conditions in which the instrument is
placed is 2 minutes per °C. For example, if the site office is heated to 20 °C and the
theodolite is taken outside from this on a cold day at 5 °C, the operator should wait
30 minutes for the compensator to adjust to the lower temperature before using the
instrument. Readings and measurements taken on both faces will reduce the effect of
any errors from this source.

The effects of high winds when using a theodolite are to cause the tripod and in-
strument to vibrate so that accurate centring and accurate bisection of targets is ei-
ther difficult or not possible. It is best to avoid these conditions when observing.
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Observing on face left and face right

It has already been stated that taking observations or setting out using both faces of
the theodolite produces the best results for angular work as it removes the effects of a
number of systematic instrumental errors in the observation procedure. To save time,
it is often tempting to observe on one face only - if this is to be done and the results
are to be reliable, a properly calibrated instrument is required.

This is usually not possible with optical theodolites because they rely on a set of
mechanical adjustments that need to be done regularly by a manufacturer or
supplier.

However, since electronic theodolites are software calibrated, it is possible for the
user to determine calibration values which can then be applied to raw angles to
correct for any maladjustment of the theodolite. The procedures for doing this are
given in the user’s manual supplied with each instrument and the calibrations that
can be carried out will vary according to the make and model of each theodolite (see
Section 5.5). User calibrations must be done when the instrument is suspected of
being out of adjustment, for example after periods of long storage or rough transport
and in extreme temperature differences.

Even if a theodolite is in perfect adjustment and single face readings are consid-
ered, dual face readings are always more accurate than single face readings because of
the increase in accuracy due to statistical error propagation (this is discussed further
in Section 9.3). The angular accuracy quoted by most manufacturers for their
theodolites applies to dual face measurements.

In summary, measurements on face left and face right are recommended when:

® The adjustment of the theodolite is uncertain or when calibration values do not
seem to be correct and cannot be determined for some reason.

® Where the best possible accuracy is required for measuring and setting out angles.

® Large differences of temperature occur during measurements.

Reflective summary w%ﬁ
With reference to sources of error when measuring and setting out angles,
remember:

— Always carry out a check before using a new theodolite or when it has not been
used for some time (see Quick procedure for checking a theodolite and total station
given earlier in this section). If it is not in good adjustment, carry out an elec-
tronic calibration or exchange it for another instrument.

- Always measure and set out with a theodolite or total station using both faces
unless it is known to be in good adjustment.

— All instrumental errors can be avoided by adjusting or calibrating the theodolite
regularly and by using all the appropriate field procedures that help to eliminate
and reduce these.
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— All field errors are caused by incorrectly setting up and not using the theodolite

properly —the worst sources of error here are not levelling or centring the theodo-
lite with sufficient care.

— As with all survey fieldwork, working under extreme weather conditions is always
difficult and should be avoided where possible when using theodolites. One of
the important environmental effects to be aware of is that exposing the instru-

ment to large changes of temperature can cause serious errors to occur in angular
measurements.

Exercises

3.1

3.2

3.3
3.4

3.5

3.6
3.7
3.8

3.9
3.10

3.11

3.12

3.13

With the aid of diagrams, explain how a horizontal angle differs from a
vertical angle. What is a zenith angle?

Explain why it is necessary to centre a theodolite and describe a procedure
for doing this.

Describe the procedure for levelling a theodolite.

List, with a brief explanation of each, the functions that are found on the
keyboard and displayed by most electronic theodolites.

Explain what single and dual-axis compensators are and describe the
different functions they perform.

What is an industrial theodolite?
What is the difference between an optical and electronic theodolite?

When measuring angles with a theodolite it is always advisable to take face
left and face right readings and to take two rounds. Discuss the reasons for
this.

Why is a detail pole not recommended as a target for angle measurement?

Describe a procedure that can be used to prolong a straight line using a
theodolite that does not have a compensator. What alternative method
should be used if the theodolite was fitted with a dual-axis compensator?

What are the angular configurations that should exist between the vertical
axis, tilting axis and line of sight in a theodolite. Draw a diagram to show
these relationships.

You have just completed some setting out with a theodolite and notice that
it has not been levelled properly. How would this affect your work if the
sightings had been taken over level ground in comparison to any sightings
taken to elevated points?

As you move from one part of a construction site to another, the theodolite
you have been using for setting out is badly knocked. Describe the tests you
would carry out on the instrument to find out if it is still in adjustment or
not.
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3.14

3.15

3.16
3.17

3.18

3.19

Give reasons why it is advisable to measure and set out with a theodolite on
both faces.

You are required to work to a linear tolerance of 2.5 mm on a construction
site where the longest sighting distance expected is S0 m. What theodolite
is required to meet this tolerance?

What angles does a 5 mm width target subtend at 10, 20 and 50 m?

The horizontal angle between two points is approximately 85°. If this is
measured by a theodolite that is miscentred by 5 mm, what will be the
centring error in the measured angle if both sighting distances are 30 m? If
the sighting distances are increased to 65 m, what effect would this have on
the centring error?

The horizontal circle readings shown below were taken using a 5" reading
theodolite correctly set up and levelled at point T. Book the readings in a
suitable format and calculate values for the horizontal angles.

Point  Face left reading Face right reading
A 00°17'35" 180°17'15"

B 38°22'20" 218°22'00"

C 69°30'10" 249°29'40"

D 137°09'55" 317°09'40"

A 45°39'10" 225°38'55"

B 83°43'20" 263°43'00"

C 114°52'00" 294°51'50"

D 182°31'30" 02°31'10"

Some zenith angles are measured with a theodolite and the readings below
were taken:

Point  Face left reading Face right reading
D1 87°23'38" 272°38'26"
D2 91°48'09" 268°13'49"
D3 95°19'52" 264°42'10"
D4 89°48"17" 270°13'40"

Using these readings, calculate the vertical angles corresponding to each
zenith angle and the value of the vertical collimation error.
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3.20 Make a copy of the theodolite booking form given in Section 3.5, enter the
readings below and calculate values for the horizontal and vertical angles
observed.

Point sighted and face Horizontal circle reading Vertical circle reading

W FL 02°17'16" 87°06'26"
XFL 137°52'20" 93°16'31"
Y FL 209°22'37" 91°17'49"
ZFL 312°14'50" 88°32'44"
ZFR 132°15'01" 271°26'51"
Y FR 29°22'48" 268°41'41"
X FR 317°52'33" 266°43'09"
W FR 182°17'29" 272°53'14"

Further reading and sources of information

For assessing the accuracy of a theodolite and angle measurement, consult

BS 5606: 1990 Guide to accuracy in building (British Standards Institution [BSI], London). BSI web
site http://www.bsi-global.com/.

BS 5964-1: 1990 (ISO 4463-1: 1989) Building setting out and measurement. Methods of measuring,
planning and organisation and acceptance criteria (British Standards Institution, London). BSI
web site http://www.bsi-global.com/.

BS 7334-4: 1992 (ISO 8322-4: 1991) Measuring instruments for building construction. Methods for
determining accuracy in use of theodolites. (British Standards Institution, London). BSI web site
http://www.bsi-global.com/.

ISO 17123-3: 2001 Optics and optical instruments — Field procedures for testing geodetic and surveying
instruments — Part 3: Theodolites (International Organisation for Standardisation [ISO],
Geneva). ISO web site http://www.iso.org/.

For general guidance and assessing the accuracy of angle measurement on site refer to

ICE Design and Practice Guide (1997) The management of setting out in construction. Thomas
Telford, London.

For the latest information on the equipment available, visit the following web sites

http://www.leica-geosystems.com/
http://www.nikon-trimble.com/
http://www.pentaxsurveying.com/
http://www.sokkia.net/
http://www.topcon.eu/
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After studying this chapter you should be able to:

® Understand the difference between slope, horizontal and vertical
distances and why all of these are used in engineering surveying

® Describe on-site procedures that are used to measure distances with
tapes

® Recognise the mistakes that occur frequently when taping and how to
avoid these

® Calculate and apply a range of corrections to taped measurements in
order to remove systematic errors from readings

® Discuss the precision that can be obtained when taping
. /
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4.1 Measurements and methods

After studying this section you should be aware that distances are defined as slope,
horizontal and vertical and that all of these are used in construction and civil engi-
neering.

Distance measurement

Alongside height and angle measurement, distance measurement is another essential
component of any survey. In construction work, distances are measured every day
when setting out all types of structures. They are needed for plotting the position of
detail when mapping and they provide scale in control surveys.

Two methods can be used to measure, record and set out distances; these are direct
measurement and electromagnetic measurement. This chapter deals with direct measure-
ment by taping, whereas electronic methods used by total stations and distance me-
ters are covered in the next chapter.

In engineering surveying, three types of distance are used: slope distance, hori-
zontal distance and vertical distance (or height difference).

With reference to Figure 4.1:

Slope distance= AB=1L
Horizontal distance= AB'=A'B=D
Vertical distance = AA’=BB'=V = AH =Height difference

Horizontal and vertical distances are used in mapping, control surveys and engi-
neering design work. Slope distances and vertical distances are used when setting out
on construction sites. If the correct parameters are known (see Section 4.3), it is possi-
ble to convert from slope distances to horizontal differences and vice versa.

Slope distances are usually measured by laying the tape on the surface of the
ground or structure, as shown in Figure 4.2(a). However, when measuring over very
steep surfaces or undulating ground, the tape may be held horizontally, as in Figure
4.2(b), this technique being known as stepping. Occasionally, it may be necessary to
suspend a tape between two points, as in Figure 4.2(c).

Vertical distances (or height differences) are obtained by allowing a tape to hang
freely with a weight attached to its zero end. A common application of this is in the
transference of height from floor to floor in a multi-storey building by measuring up

The vertical at A The vertical at B

A ‘ Horizontal plane through A B’

Un'
IfOI'V] y

A Horizontal plane through B

A
v

D
Figure 4.1 ® Types of distance.
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®) Measured distance
4—» Tape held horizontally

Ranging rod held ‘1 i
vertically | Weighted /,"/ 7
| steel tape

© Steel tape in catenary

Figure 4.2 ® Tape measurement methods. Figure 4.3 ® Transfer of height
in a multi-storey building with a
tape.

or down vertical columns, as shown in Figure 4.3. This is usually done in lift wells or
service ducts such that an unrestricted line is available for taping and where the tape
can hang vertically without hindrance.

Reflective summary W%E

S
With reference to measurements and methods, remember:

— If a horizontal distance is required, it is usual that a slope distance is measured with
the tape positioned along the ground - this is then converted to its horizontal

equivalent.

— For engineering and site work, the horizontal distance is always known and this
has to be converted to a slope distance for setting out purposes.

— The measurement of vertical distance can be a convenient and accurate method
of transferring height for dimensional control in tall buildings, but this requires
some skill by site operatives if it is to be done properly.
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4.2 Equipment and fieldwork for taping

After studying this section you should know what the difference is between steel and

fibreglass tapes and you should be able to describe the procedures for measuring short

and long distances with either of these. You should be aware of the mistakes that can

occur when taping and the procedures that can be used to reduce these to a minimum.
This section contains the following topics:

® Tapes used in surveying
® Measuring a distance

® Common mistakes when taping

Tapes used in surveying

Survey tapes are available in various lengths up to 100 m, but 30 m is the most com-
mon. They are either encased in steel or plastic boxes with a recessed winding lever
(case tapes) or mounted on open aluminium or plastic frames with a folding winding
lever (frame tapes), as shown in Figure 4.4. Closed case tapes prevent an excess of dirt
getting onto the blade and are cleaned by wiping with a cloth or glove as the tape is
rewound after use in muddy or gritty conditions. Open frames make cleaning easier
by simply rinsing the tape in a bucket of water or by hosing, but the tape must be
allowed to dry after cleaning. Most tapes incorporate a small loop or grip at the end of
the tape and various styles are possible for this, as shown in Figure 4.5. Usually, the
claw end loop is fitted as standard to most tapes in the UK. Because the position of the
zero point varies, it is essential to check where this is before using any tape.

When a steel tape is manufactured, the steel band and its printed graduations are
protected by covering them with coats of polyester or nylon which give a tape its
characteristic colour (usually yellow or white). Various methods are used for gradu-
ating these tapes, as shown in Figure 4.6. All steel tapes are manufactured so that they
measure their nominal length at a specific temperature and under a certain pull.
These standard conditions, 20 °C and 50 N, are printed somewhere on the first metre
of the tape. The effects of variations from the standard conditions are discussed in
Section 4.3. With care, it is possible to take measurements with a steel tape to an

Figure 4.4 ® Measuring tapes (courtesy Fisco Tools Ltd).
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Figure 4.5 ® Tape end loops and zero points (courtesy Fisco Tools Ltd).

accuracy of better than 1 in 10,000 (a precision of 3 mm for a 30 m measured
distance).

In addition to steel tapes, fibreglass tapes are available in a variety of lengths with
typical graduations being shown in Figure 4.7. These are made from fibreglass strands
embedded in PVC. Compared with steel tapes they are lighter, more flexible and less
likely to break, but they tend to stretch much more when pulled. However, their
advantages are that they are rust-free and rot-proof, and are electrically non-conduc-
tive when dry.

Because they stretch a lot, this type of tape should only be used in mapping,
sectioning and setting out where precisions in the order of 1 in 1000 (a precision of
30 mm for a 30 m measured distance) are acceptable for linear measurements. The
difference in precision between the two types of tape is evident in their graduations —
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Figure 4.6 ® Steel tape graduations (courtesy Fisco Tools Ltd).
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Figure 4.7 ® Fibreglass tape graduations (courtesy Fisco Tools Ltd).
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steel tapes are always graduated in millimetres whereas most fibreglass tapes are only
graduated in centimetres.

Measuring a distance

Distance measurement using tapes involves determining the straight-line distance
between two points.

When the length to be measured is less than that of the tape, measurements are
carried out by unwinding and positioning the tape along the straight line between
the points. The zero of the tape (or some convenient graduation) is held against one
point, the tape is straightened and pulled taut, and the distance is read directly on the
tape at the other point. This will be the normal procedure on construction sites,
where short distances tend to be measured with a tape instead of a total station
because it is a quicker and more convenient method of distance measurement.

When it is necessary to measure a distance that exceeds that of the tape, some form
of alignment of the tape is necessary. This is known as ranging and is achieved using
ranging poles or rods, survey or marking arrows (see Figure 4.8) and two people to

2 m ranging pole
made of metal, plastic or wood
painted red and white in half

400 mm metre sections
steel marking
arrow

—— Metal shoe

Figure 4.8 ® Ranging pole and marking arrow.
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measure known as the leader and the follower. The procedure for measuring line AB is
as follows.

® [f starting at A, a ranging pole is pushed into the ground as vertically as possible at
point B or it is held in a support tripod if working on a hard surface or hard ground.

® The leader, carrying another ranging pole, unwinds the tape and walks towards
point B, stopping just short of a tape length, at which point the ranging pole is
held vertically.

® The follower steps a few paces behind point A and lines up the ranging pole held by
the leader with point A and with the pole at B. This is known as ranging by eye and
should be done by the follower sighting as low as possible on the poles.

® The tape is now straightened. The zero point or some convenient graduation is set
against A by the follower and it is laid against the pole at B by the leader. With the
tape in this position, it is pulled taut and the tape length marked by placing an
arrow in the ground next to the full length of the tape or some convenient
graduation. On hard ground, the arrow can be laid on the ground and fixed in
position by some means (using a weight for example) or the point can be marked
with paint, chalk or crayon.

® For the next tape length, the leader and the follower move ahead simultaneously
with the tape unwound, the procedure being repeated but with the follower now at
the first survey arrow or mark. Before leaving point A, the follower erects a ranging
pole at A, as this will be sighted on the return measurement from B to A, which
should always be taken as a check for gross errors.

® As measurement proceeds, the follower picks up each arrow and, on completion,
the number of arrows held by the follower indicates the number of whole tape
lengths measured. This number of tape lengths plus the section at the end less than
a tape length gives the total length of the line.

Common mistakes when taping

The error that occurs most often in taping is to misread the tape. To help detect
reading errors, long distances should be checked by repeating the measurement in
the reverse direction. A good way of checking shorter distances is to again take a
second measurement but to use different parts of the tape — in this case the difference
of each pair of readings should give the same result.

Because the end loop on most tapes can be difficult to use as a zero, it is common
practice to use another point on the tape as a ‘zero’ and subtract this from the reading
obtained when measuring a distance. The false zero used is usually 100 mm or 1 m,
being chosen for convenience. In practice, great care is needed when doing this not
to forget that a different zero is being used or to confuse 100 mm with 1 m - to avoid
mistakes it is good practice for the person holding the tape at the end loop to call out
what the actual zero is just before each reading is taken. Alternatively, an initial
(check) reading can be taken using the end loop as zero to give an approximate result
which can then be followed by a more precise reading.

Because of the difficulties of using a tape with a zero in the end loop, the manufac-
turer sometimes positions the zero further along the band. Whatever type of tape is
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being used, it is necessary to check where the zero is by a simple inspection of the tape
graduations but before work commences.

The procedure for ranging by eye may seem to be inaccurate when precisions of a
few millimetres are expected for taped measurements. In fact, extreme care is not
necessary and it can be shown that if the tape is misaligned by about 0.15 m at the
centre of a 30 m span, this produces an error of only about 1 mm per 30 m of
measured distance. Whilst every care should be made to align the tape properly, there
is often a tendency to overdo this at the expense of other corrections.

In use, although steel tapes can produce better results for distance measurements,
they can be more difficult to use on construction sites. One of the worst problems is
their tendency to permanently kink or even break if bent severely when trodden on
or if they are run over by a vehicle of some sort. Never fully unwind a steel tape unless
absolutely necessary and take care with its use on a busy site. If a tape has any perma-
nent kinks in it or has been repaired, it should not be used.

Many of the measurements that are taken with steel and fibreglass tapes can now
be measured electronically using a handheld laser distance meter. These have a range
up to 200 m with an accuracy of a few millimetres and require only one person to use
them. They are described in Section 5.3.

Reflective summary W%E

S
With reference to equipment and fieldwork for taping, remember:

— Although it is possible to measure a distance longer than a tape by ranging, this is
seldom worthwhile on site and it is probably better to use a total station for
distances exceeding a 50 m tape.

— The two most common sources of error in taping are misreading the tape and incor-
rectly identifying where the zero is. Always check distances with a repeat measure-
ment, preferably using different parts of the tape, and if the end loop is not being
used, always call out the value of the graduation being used as a ‘zero’, especially
when setting out.

— If steel tapes are not used properly, they can be broken quite easily on site,
whereas fibreglass tapes are lighter, highly flexible and less likely to be damaged.

— For engineering work, the important difference between steel and fibreglass
tapes is their accuracy — because fibreglass tapes tend to stretch a lot their accu-
racy is limited to about 30 mm per 30 m, but steel tapes are capable of measuring
to better than 3 mm per 30 m.

4.3 Systematic errors in taping

After studying this section you should understand that taping is subject to a series of
systematic errors that must be accounted for in order to improve the precision of a
measured distance. You should also be aware of the techniques involved and correc-
tions that have to be applied to remove each of these errors.
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This section contains the following topics:
® Slope measurements and slope corrections
® Standardisation
® Tension
® Temperature variations
® Sag (catenary)
® Combined formula

® Further corrections

Slope measurements and slope corrections

The following corrections can be applied to taped distances in order to improve their
precision: slope, standardisation, tension, temperature and sag. These are all classi-
fied as systematic errors (see Section 9.1 for a definition and description of systematic
errors) and, however carefully a distance has been measured, they cannot be removed
unless a special field technique is employed to do this or a mathematical correction is
computed and then applied to the recorded tape reading.

A distinction is made at this point between observing and measuring a distance that
is required for, say, a control survey and setting out a distance for construction
purposes. This section assumes that a measured distance is to be corrected - the
procedures to follow when applying corrections to distances that are to be set out are
described in a worked example in Section 4.5.

The method of ranging described in Section 4.2 can be carried out for any line,
either sloping or level. Since all surveying calculations, plans and setting-out designs
are based or drawn in the horizontal plane, any sloping length measured must be
reduced to the horizontal before being used for calculations or plotting. This can be
achieved by calculating a slope correction for the measured length or by measuring the
horizontal equivalent of the slope directly in the field.

Consider Figure 4.9(a), which shows a sloping line AB. To record the horizontal
distance D between A and B, the method of stepping may be employed in which a series
of horizontal measurements is taken. To measure D1, the tape zero or a whole metre
graduation is held at A and the tape then held horizontally and on line towards B
against a previously lined-in ranging pole. The horizontality of the tape should, if
possible, be checked by a third person viewing it from one side some distance away.
At another convenient tape graduation (preferably a whole metre mark again) the
horizontal distance is transferred to ground level using a plumb line (a string line
with a weight attached). The tape is now moved forward to measure Dy and D3 in a
similar manner. It is recommended that the maximum length of an unsupported
tape should be 10 m and that this should be considerably shorter on steep slopes,
since the maximum height through which a distance is transferred should be 1.5 m.
To do stepping accurately requires considerable skill and experience, and it is often
better to choose another method of measuring the distance if possible.

As an alternative to stepping, the slope angle of the ground, 6, can be measured us-
ing a theodolite which is set up (say) at A and the slope angle measured along A'B’ par-
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(@)

(b)

D=1Lcos 6 5

©

D=L-Ah?/2L
Figure 4.9 @ Slope measurements.

allel with the ground (see Figure 4.9(b)). In this case, h will be the height of the
theodolite above ground level.

The horizontal distance D can be calculated from the measured slope distance L as
D =L cos 6, as shown in Figure 4.9(b). Alternatively, a correction can be computed from

slope correction = —-L(1-cos0) 4.1)

When converting an observed slope distance to its horizontal equivalent, this correc-
tion is always negative and is applied to the measured length L.

On comparing these methods of obtaining a horizontal distance, we can see that
stepping is more useful when the ground between points is very irregular, whereas
the slope angle relies on measurements taken on uniform slopes.

A third method is available if the height difference between the two points is
known (for example, by levelling) and the slope between them is again uniform. In
Figure 4.9(c), if Ah is the height difference between A and B, then

slope correction = ——— - ——

For slopes less than 10% the last term in this expression can be ignored and

2
slope correction = —% 4.2)

Standardisation

Under given conditions a tape has a certain nominal length. However, with a lot of
use, a tape tends to stretch, and this effect can produce serious errors in length mea-
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surement. Therefore standardisation of tapes should be carried out frequently
against a reference tape or baseline. If using a reference tape, standardisation should
be done on a smooth, flat surface such as a road or footpath. The reference tape
should not be used for any fieldwork and should be checked by the manufacturer as
often as possible. From standardisation measurements a correction is computed as
follows:

standardisation correction = @ (4.3)

where

L =recorded length of a line
I = nominal length of field tape (say 30 m)
I" = standardised length of field tape (say 30.011 m)

The sign of the correction depends on the values of I and I'. However, since [’ is
usually greater than /, this correction is usually positive and shows that when a tape is
stretched and is too long it reads too short.

On a construction site, a baseline for standardising tapes is often used and should
consist of two fixed points, located such that they are unlikely to be disturbed. These
points could be nails in pegs, but marks set into concrete blocks are preferable. The
length of the field tape is compared to the length of the baseline and the standardisa-
tion correction is given by

L(lg -If)
B

standardisation correction = (4.4)

where

Iy = length of baseline
Ir = length of field tape along baseline

For a tape that is too long, I will be less than I.

Proper application of this correction is advisable as any error in standardisation
gives the same proportional error in corrected distances. Care is also needed on site
when using many different tapes — these should all be calibrated regularly on the
same baseline.

As an alternative to the methods already given here, some companies offer a cali-
bration service for tapes, and instead of performing this on site they can be standard-
ised by the manufacturer or supplier, who should be contacted if this service is
required.

Tension

This correction is only considered for steel tapes.

Steel, in common with many metals, is elastic, and the tape length varies with
applied tension. If this is ignored, the effects of a varying tension on the precision of
taping can be serious.

Every steel tape is manufactured and calibrated with a tension of 50 N applied. On
site, if an accurate measurement is required, instead of simply pulling the tape taut, it
should be used either with its calibration tension or a different (but known) tension
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Figure 4.10 ® Spring balance for tensioning (courtesy York Survey Supplies).

applied. This can be achieved using a spring balance specially made for use in ground
taping. When measuring, the spring balance is attached to the loop end of the tape.
When it is pulled, its sliding index indicates the tension being applied, as shown in
Figure 4.10. This tension is then maintained while measurements are taken.

If the calibration tension of 50 N is applied, no correction is necessary. However, if
a tape is subjected to a pull other than the calibration value, it can be shown that a
correction to an observed length is given by

L(Tr -Tg)
AE

tension correction = (4.5)

where

Tr = tension applied to the tape (N)

Ts = calibration tension (N)

A = cross-sectional area of the tape (mm?2)

E = modulus of elasticity for the tape material (N mm~2)
(for steel tapes, typically 200,000 N mm-2)

The sign of the correction depends on the magnitudes of T and T, but as with the
standardisation correction, if the tape is pulled at a tension greater than its calibra-
tion value it will stretch, giving rise to a positive correction.

Temperature variations

As with tension, this correction is only considered for steel tapes.

In addition to the effects of standardisation and tension, steel tapes contract and
expand with temperature variations and are calibrated at a temperature of 20 °C by
the manufacturer. Alternatively, a tape could be calibrated on a site baseline at a
temperature that is not 20 °C - the temperature at which this is done then becomes
the on-site calibration temperature.

In order to improve precision, the temperature of the tape has to be recorded, since
it will seldom be used at its calibration temperature, and special surveying thermom-
eters are used for this purpose. When using the tape along the ground, measurement
of the air temperature can give a different reading from that obtained close to the
ground, so it is normal to place the thermometer alongside the tape at ground level.
For this reason, the thermometers are usually metal-cased for protection. When in
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use they should be left in position until a steady reading is obtained, since the metal
casing can take some time to reach a constant temperature. It is also necessary to have
the tape in position for a period before readings are taken to allow it also to reach the
ambient temperature. It is bad practice to measure a distance on site in winter with a
tape that has just been removed from a heated office.

The temperature correction is given by

temperature correction = oL(t;—t) (4.6)
where

o = the coefficient of expansion of the tape material
(for example 0.0000112 per °C for steel)

tr = mean field temperature (°C)

ts = temperature of calibration

The sign of this correction is given by the magnitudes of ty and .

Sag (catenary)

As with tension and temperature, this correction is only applied to steel tapes.

On a construction site, this correction is only considered when measuring
distances less than a tape length between elevated points on structures when the tape
may be suspended for ease of measurement. If this is done, the tape will sag under its
own weight in the shape of a catenary curve, as shown in Figure 4.11, and will give an
incorrect measurement if this is ignored.

Since the tape reading required is the chord between the end points of the
distance, a sag correction must be applied to the catenary length measured. This
correction is given by

w2L3 cos® 6 _ _W2Lcos2 0

sag correction = —
24T# 24T¢

(4.7)

where

0 = the angle of slope between tape supports

w = the weight of the tape per metre length (N m-1)
W = the total weight of the tape (N)

Ty = the tension applied to the tape (N)

Length measured with tape
suspended in catenary

Length required

Figure 4.11 ® Measurement in catenary.
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When converting a measurement to its equivalent chord length, this correction is
always negative.

Combined formula

The corrections discussed in the preceding sections are usually calculated separately
and then used in the following equations:
For converting slope distances L to horizontal distances D:

D =L - slope =+ standardisation * tension + temperature — sag (4.8)
For vertical measurements V:

V = V £ standardisation + tension + temperature (4.9)
where

Vu = measured vertical distance

Both of these can be used when measuring and setting out distances, as shown in the
worked examples in Section 4.5.

Further corrections

Further corrections are required when a taped distance is to be used for any calcula-
tions and setting out based on national coordinates. This will require mean sea level
corrections and scale factor to be applied to the horizontal distances — these correc-
tions are described in Section 8.7 Ordnance Survey National Grid and Ordnance Datum
Newlyn for surveys based on coordinates in Great Britain.

Reflective summary W%E

S
With reference to taping corrections, remember:

— Slope, standardisation, tension, temperature and sag are all systematic errors and
must not be confused with mistakes in reading, misaligning or zeroing the tape or
any other errors of a personal nature.

— No matter how carefully a distance has been measured, the effects of slope,
standardisation, tension, temperature and sag will still be present unless they are
removed by some means.

— The usual method of accounting for slope, standardisation, tension, temperature
and sag is to use a special field procedure or to calculate and apply a mathemat-
ical correction to the measured distance.

— For all measurements with any tape, it is always necessary to apply a slope correc-
tion to a distance whether this is being measured or set out.
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4.4 Precision and applications of taping

After studying this section you should appreciate that the precision of taping can
vary according to which systematic errors are accounted for in the measurement
process.

How good should my taping be?

The general rules for the precision of taping for construction work can be summa-
rised as follows.

For a precision of the order of 1 in 1000 (that is + 30 mm per 30 m), a fibreglass tape
can be used, but it is necessary to apply slope and standardisation corrections. This
would be suitable for the location of earthworks, pipelines and soft detail.

To obtain a precision better than this, steel tapes must be used.

For a maximum precision of 1 in 5000 with a steel tape (that is + 6 mm per 30 m),
measurements can be taken over most ground surfaces if only standardisation and
slope corrections are applied. This order of precision would be suitable for drainage
works and for locating hard detail.

If the tape is tensioned correctly and temperature variations are taken into
account, the precision of steel taping can be increased to the order of 1 in 10,000
(that is £ 3 mm per 30 m). On specially prepared surfaces or over spans less than a
tape length, the precision may be improved further. This is the precision to which
most sites would attempt to measure distances, and covers general setting out of
roads, buildings, bridges and most other structures. Any distances measured for
control surveys should also meet this specification.

To obtain the best precision of 1 in 20,000 (that is + 1.5 mm per 30 m), it is neces-
sary to measure with the tape on a very smooth surface or with the tape suspended. If
suspended, sag corrections must be applied to the measurement in addition to all the
other corrections. A precision of 1 in 20,000 or better is often required on engi-

Table 4.1 ® Taping precisions.

Systematic error Correction formula Procedure required to achieve stated precision
1:5000 1:10,000

Slope Ah2 Slope correction always applied and is usually the

Equations (4.1) and (4.2) 5 L(1-cos 0) largest correction

Standardisation L' -n  Llg-Ig) Standardise tape and apply correction

Equations (4.3) and (4.4) o I On construction sites, it is better to establish a
baseline rather than rely on having a reference tape

Tension LT -Tg) Negligible effect if tape  Best to apply calibration

Equation (4.5) AF pulled ‘sensibly’ tension where possible

or apply correction

Temperature ol(t; —ts) Only important in hot or  Measure temperature

Equation (4.6) cold weather and apply correction

Sag w2Bcos?e W?32lcos2g No correction necessary  Apply correction for

Equation (4.7)

suspended

2 2
24TF 24TF measurements
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neering projects requiring high-quality setting out and control, such as dams, long
tunnels and bridges, nuclear power stations, fabrication of offshore structures, and
tall buildings.

All of the systematic errors, corrections and precisions given for steel taping are
summarised in Table 4.1.

Specifications for distance measurement in control surveys and setting out are
given in BS 5606, BS 5964 and in the ICE Design and Practice Guide — these are listed
in Further reading and sources of information at the end of the chapter.

Reflective summary W%E

S
With reference to the precision and applications of taping, remember:

— The precision of taping varies according to the type of tape used and the system-
atic errors that have been accounted for.

— On construction sites, the effects of tension on a taped distance are often ignored
— this can have a serious effect on the precision obtained if the tape is pulled too
hard or is too slack.

— As with tension, the effect of temperature is also ignored on site for most taped
measurements — this can also have a serious effect on the precision obtained in
hot or cold weather or at temperatures very different from those at which the
tape was calibrated.

— If the precision of taping is to be improved to allow for tension and temperature,
extra equipment such as spring balances and thermometers is required, and
more information about the tape has to be found — all of this complicates the field
procedure and involves more calculations.

— Because it is difficult to monitor the tension and temperature of a 100 m tape,
their use on site is not recommended where a high precision is required.

— The precision of a measured distance should be carefully matched with its appli-
cation. For example, setting out the positions of steel columns with a fibreglass
tape is not recommended and using a steel tape with a full set of corrections
applied to each measurement is not required when setting out pegs to define the
alignment of a pipeline.

4.5 Steel taping worked examples

After studying this section you should be able to calculate all the necessary correc-
tions associated with systematic errors in taping. You should also understand the
difference between problems in taping that involve the measurement of horizontal
distances, the setting out of slope distances for construction work and vertical
measurements.
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This section contains the following topics:
® Measuring a horizontal distance with a steel tape
® Setting out a slope distance with a steel tape
® Measuring a vertical distance with a steel tape

Note: In each of the following problems, Young’s modulus (E) for steel is assumed
to be 200 KN mm-~2 and the coefficient of thermal expansion (e) for steel is assumed
to be 0.0000112 per °C.

Worked example 4.1: Measuring a horizontal distance with a
steel tape

Question

A steel tape of nominal length 30 m was used to measure the distance between two
points A and B on a structure. The following measurements were recorded with the
tape suspended between A and B:

Line  Length measured Slope angle Mean Tension applied
temperature
AB 29.872m 3°40' 5°C 120 N

The standardised length of the tape against a reference tape is 30.014 m at 20 °C
and 50 N tension. The tape weighs 0.17 N m-! and has a cross-sectional area of
2 mm?2.

Calculate the horizontal length of AB.

Solution
A series of corrections is computed as follows

From equation (4.1):
slope correction = -L(1-cos0) =-29.872 (1 - cos 3°40') =-0.0611 m

From equation (4.3):

standardisation correction = L(ll_l) = 29'872(3;)6014 —30)_ +0.0139 m
From equation (4.5):
tension correction = LTy ~T5) = 29.872(120 -50) =+0.0052 m

AE 2 x200,000

From equation (4.6):
temperature correction = aL(t; —t,) = 0.0000112 x29.872(5 -20) = -0.0050 m

From equation (4.7):
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w?L3cos® @ 0.17% x29.8723 xcos® 3°40

- > =-0.0022 m
24T 24x120

sag correction = —

Using equation (4.8):
Horizontal length AB = 29.872 - 0.0611+ 0.0139 + 0.0052 —0.0050 — 0.0022

=29.8228
=29.823 m (to the nearest mm)

Worked example 4.2: Setting out a slope distance with a steel tape

Question

On a construction site, a point R is to be set out from a point S using a 50 m steel tape.
The horizontal length of SR is designed as 35.000 m.

During the setting out the steel tape is laid on the ground and pulled at a tension of
70N, the mean temperature being 4 °C. The reduced levels of S and R are 22.75 m and
24.86 m.

The tape was standardised on site as 40.983 m at 50 N tension and 12 °C on a base-
line of length 41.005 m and it has a cross-sectional area of 2.4 mm?2.

Calculate the length that should be set out on the tape along the direction SR to
establish the exact position of point R.

Solution

In this case, the horizontal distance D is known and the slope distance L must be
calculated.

The slope, standardisation, tension and temperature corrections all apply, but the
sag correction does not since the tape is laid along the ground.

Although L is not known, for the purposes of calculating the corrections it is suffi-
ciently accurate to use D instead of L in each formula.

Substituting D for L in equation (4.2) gives

2 _ 2
slope correction = — A7 __(24.86-22.75)" -0.0636 m

2D 2 x35.000

Substituting D for L in equation (4.4) gives

D(lg ~I) _35.000(41.005 -40.983) _
Ig 41.005

standardisation correction = +0.0188 m

Substituting D for L in equation (4.5) gives
D(Ty -Tg) _ 35.000(70—50) _
AE  2.4x200,000

tension correction = +0.0015 m

Substituting D for L in equation (4.6) gives
temperature correction = aL(t—t;) = 0.0000112 x35.000(4 -12) = -0.0031 m
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The slope length SR is obtained using equation (4.8), where
Dgp = Lgg - slope £ standardisation + tension + temperature
From which
35.000 = Lgg — 0.0636 + 0.0188 + 0.0015 - 0.0031
or
Lgr = 35.000 + 0.0636 - 0.0188 — 0.0015 + 0.0031

As can be seen, the sign of each correction is reversed for setting out problems
compared to measurement problems.
This gives

Lggr = 35.0464 = 35.046 m (to the nearest mm)

Worked example 4.3: Measuring a vertical distance with a steel tape

Question
A steel tape of nominal length 30 m was used to transfer a level from a reference line
near the base of a vertical concrete column to a reference line near its top.

A 100 N weight was attached to its zero end and the tape was hung down the side
of the column such that its 100 mm mark was against the bottom reference line. A
reading of 14.762 m was obtained at the top reference line.

The tape used had a cross-sectional area of 1.9 mm?2 and was standardised on the
flat as 30.007 m at a tension of 50 N and a temperature of 20 °C. During the measure-
ment the mean temperature of the tape was 29 °C.

Calculate the vertical distance between the two reference lines.

Solution
For this measurement, only the standardisation, tension and temperature corrections
apply as follows

measured length = 14.762 - 0.100 = 14.662 m

14.662(30.007 —30) _
30

standardisation correction = +0.0034 m

14.662(100 - 50)
1.9 x200,000

tension correction = =+0.0019 m

This calculation does not account for the weight of the tape which adds to the
tension - this has been ignored, as it will have a negligible effect on the correction
and vertical distance.

temperature correction = 0.0000112 x14.662(29 - 20) = +0.0015 m
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The vertical distance is given by equation (4.9) as

V = L + standardisation + tension + temperature
=14.662 + 0.0034 + 0.0019 + 0.0015 = 14.6688
=14.669 m

Reflective summary W%E

S
With reference to steel taping worked examples, remember:

— When calculating all of the individual corrections for systematic errors, it is better
to do this to 0.1 mm and to round the final answer to T mm.

— For setting out work, calculate all the corrections as if the distance had been
measured — then change the sign of each correction and apply these to the
known horizontal distance to give the required setting out distance.

— Take care with the magnitude for each correction, as they are all small (except for
the slope correction on steep slopes) and should only be a few millimetres — if
answers much bigger than this are obtained a mistake has been made and the
calculation must be checked.

Exercises

Note: Where appropriate, assume that Young’s modulus (E) for steel is 200 kKN mm—2
and the coefficient of thermal expansion of steel () is 0.0000112 per °C.

4.1

4.2

4.3

4.4

4.5

4.6

Discuss the circumstances under which you might choose to use a fibreglass
tape instead of a steel tape for distance measurements on a construction
site.

List, with their formulae, the five corrections that apply to taping.
The horizontal distance between two points approximately 65 m apart is to

be measured with a steel tape. Describe the field procedure for this
measurement if an accuracy of 1 in 10,000 is required.

What are the sources of error that occur most in taping and how can they
be avoided?

Describe three ways of determining a horizontal distance on sloping
ground.

A steel tape has the following properties:

Nominal length: 50 m

Standardised length: 50.010 m at 50 N tension and 20 °C

Cross-sectional area: 2.5 mm?
Weight: 0.15 N m-1
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4.7

4.8

4.9

4.10

For a recorded length of 40.000 m with this tape, calculate the following
corrections:

Slope, where the height differences between the ends of the line are 1 m and
2m

Standardisation

Tension if 35 N and 75 N are applied to the tape for the measurement
Temperature if this is 10 °C and 25 °C during the measurement

Sag with tensions of 50 and 100 N applied to the tape (assume the slope
angle is zero)

A steel tape of nominal length 30 m was used to check the distance between
two offset pegs A1 and A2 on a construction site. The following results were
obtained with the tape suspended between Al and A2.

Length recorded on Heights Temperature Tension

tape applied
Al A2

23.512m 21.50m 23.50m 28°C 100 N

When compared to a 25.000 m baseline, the tape read 24.994 m with 50 N
tension applied to it at 15 °C. The cross-sectional area of the tape is 2.0
mm?2 and it weighs 4.5 N.

Calculate the horizontal length Al to A2.

The distance between two points A and B is recorded as 27.554 m but
without applying any corrections to the measurement.

Later, this was checked and found to be 27.567 m but at a recorded tension
of 50 N and temperature of 20 °C. The difference in level between A and B
was known to be 0.15 m.

If the 30 m tape used had been standardised as having a length of 30.007 m
at a tension of 50 N and temperature of 10 °C and has dimensions of 13 x 0.
2 mm, determine by how much the original measurement was in error.

A steel tape of nominal length 30 m was used to transfer a level from point
C1 near the base of a reinforced concrete column to another point C2 near
its top.

Just before the measurement was done, the tape was standardised against a
30 m reference tape as 30.015 m at a tension of 50 N. From data published
by the manufacturer, the cross-sectional area of the tape was found to be 1.
7 mm?2,

On site, a 100 N weight was attached to the tape and it was hung down the
side of the column in a vertical position with its 1 m mark held against C1.
A reading of 20.839 m was obtained at C2.

If the reduced level of C1 at the bottom of the column is 12.365 m,
calculate the reduced level of C2 at the top.

A line XY is to be set out from point X using a 30 m steel tape. The
horizontal length of XY given on drawings is 20.000 m.
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Records show that the tape was standardised on the 30.000 m site baseline
as 29.995 m with 50 N tension applied to it at 18 °C.

At the time of setting out, the tape is laid on the ground and pulled at a
tension of 50 N and the temperature is 26 °C. A theodolite was used to
measure the slope angle as 04°12". If the 1 m graduation is held at X,
calculate the length that should be set out on the tape along the direction
XY to establish the exact position of Y.

To check the setting out of the corners of a 20 x 25 m rectangular building,
the diagonals were carefully measured with a 50 m steel tape and the
following results were obtained with the tape pulled at 50 N tension and
laid on the ground.

Diagonal B1-B3: Tape readings 1.137 and 33.157 m
Diagonal B2-B4: Tape readings 0.927 and 32.952 m

Using a level, the following staff readings were taken at each corner
B1:2.392 m B2:1.683 m B3:1.679 m B4:1.201 m

Immediately following this, the tape was standardised on the 48.125 m site
baseline as 48.124 m at 50 N tension.

Calculate the errors in the diagonals assuming the ground slopes uniformly
along these.

Further reading and sources of information

For assessing the accuracy of taping and distance measurement, consult

BS 5606: 1990 Guide to accuracy in building (British Standards Institution [BSI], London). BSI web
site http://www.bsi-global.com/.

BS 5964-1: 1990 (ISO 4463-1: 1989) Building setting out and measurement. Methods of measuring,
planning and organisation and acceptance criteria (British Standards Institution, London). BSI
web site http://www.bsi-global.com/.

BS 7334-2: 1990 (ISO 8322-2:1989) Measuring instruments for building construction. Methods for
determining accuracy in use: measuring tapes. (British Standards Institution, London). BSI web
site http://www.bsi-global.com/.

For general guidance and assessing the accuracy of taping on site refer to

ICE Design and Practice Guide (1997)The management of setting out in construction. Thomas
Telford, London.
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5 Total stations

4 N
Aims
After studying this chapter you should be able to:
® Understand how total stations measure distances
® |dentify and describe all the features of total stations that are used for
angle and distance measurement
® Distinguish between the different categories of total station and assess
the best applications for each of these on site
® Discuss the various methods by which survey data can be stored and
transferred between total stations and computers
® Evaluate the effect of instrumental and other errors on angle and
distance measurements taken with a total station and how these can be
minimised
® Understand how a total station can be used for measuring heights
. 4
This chapter contains the following sections:
5.1 Integrated total stations 125
5.2 Electromagnetic distance measurement 127
5.3 Instrumentation 142
5.4  Electronic data recording and processing 154
5.5 Sources of error for total stations 162
5.6 Measuring heights (reduced levels) with total stations 173
Exercises 179
Further reading and sources of information 180



5.1 Integrated total stations

After studying this section you should be aware of what an integrated total station
does, how it is used on site and the accuracies it can achieve.

What is a total station?

In the previous chapter, the various types of distance that can be measured were
described, together with taping methods. Although taping and theodolites are used
regularly on site, fotal stations are also used extensively in surveying, civil engineering
and construction because they can measure both distances and angles simulta-
neously, with relative ease and to a high degree of precision. This chapter serves as an
introduction to the total station and its applications in surveying.

A typical total station is shown in Figure 5.1. The appearance of this is very similar
to an electronic theodolite, but the difference is that it is combined with a distance
measurement component which is fitted around the telescope. Because the instru-
ment combines both angle and distance measurement in the same unit, it is known
as an integrated total station which can measure horizontal and vertical angles as well
as slope distances. Using the vertical angle, the total station can calculate the hori-
zontal and vertical distance components of the measured slope distance and display
these. As well as these basic functions, total stations are capable of performing a
number of different survey tasks and associated calculations and they can store rela-
tively large amounts of data. As with the electronic theodolite, all the functions of a
total station are controlled by its microprocessor (or computer) which is accessed
through a keyboard and display.

To use a total station, it is set over one end of the line to be measured and some
form of reflector is positioned at the other end such that the line of sight between the
instrument and the reflector is unobstructed. This is shown in Figure 5.2, where the
reflector is a prism attached to a detail pole. The telescope is aligned and pointed at
the prism, the measuring sequence is initiated and a signal is transmitted from the
instrument towards the reflector, where part of it is returned to the instrument. This

Figure 5.1 ® Nikon DTM-332 integrated total station (courtesy Trimble & KOREC Group).

Total stations
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Figure 5.2 ® Measuring with a total station Figure 5.3 @ Robotic total station in

(courtesy Topcon). use (courtesy Trimble & KOREC
Group).

is processed, in a few seconds, to give the slope distance together with the horizontal
and vertical angles. A total station can also be used in reflectorless mode, in which the
telescope is aimed at the point to be measured but without using a reflector. Some
instruments have motorised drives and can use automatic target recognition to
search and lock onto a prism - this process is fully automated and does not require an
operator. Taking this a stage further, some total stations can be controlled from the
detail pole, enabling surveys to be carried out by one person, as shown in Figure 5.3.

A total station is centred and levelled in the same way as a theodolite and the
procedures described in Chapter 3 for measuring angles and setting out with a
theodolite can all be done with a total station. However, an integrated total station
can perform many more measurement and setting out tasks than an electronic
theodolite, as will be described in later sections of this chapter.

Most total stations have a distance measuring range of up to a few kilometres when
using a single prism, a range of at least 100 m in reflectorless mode and an accuracy of
2-3 mm at short ranges, which will decrease to about 4-5 mm at 1 km. Most of them
have angular accuracies varying from 1" to 10".

Although angles and distances can be measured and used separately, the most
common applications for total stations occur when these are combined to define
position in control surveys, mapping and setting out. All of these are discussed in
subsequent chapters.

As well as the total station, site surveying is increasingly being carried out using
GNSS equipment. Some predictions have been made that this trend will continue,
and in the long run GNSS methods will replace all others. Although the use of GNSS
on site is very popular, total stations are one of the predominant instruments used in
engineering surveying and will be for some time. Eventually, the two will find appli-
cations that complement rather than compete with each other.



Reflective summary W%E

S)
With reference to integrated total stations, remember:

— The advantage of the total station compared with other survey equipment is that
it can measure angles, distances and heights simultaneously.

— Although an integrated total station can be a highly sophisticated precision
instrument, its basic function is simply to measure angles and distances.
However, it is also a computer that is capable of storing and processing survey
data in many different ways, which can be useful for site surveying.

— Even though they are relatively easy to operate, total stations must be used prop-
erly and must be checked regularly in order to ensure that the high degree of
accuracy they are capable of is achieved.

— In common with other survey equipment, the development of total stations con-
tinues and new models are introduced at regular intervals by each manufacturer.

5.2 Electromagnetic distance measurement

After studying this section you should be able to explain how total stations measure
distances using the phase measurement and timed-pulse methods. You should be
familiar with the different types of reflector than can be used for distance measure-
ment and understand that total stations can also measure in reflectorless mode. Since
lasers are now used in nearly all total stations, you should be aware of safety issues
when using these.

This section includes the following topics:

® Distance measurement
® Reflectors and reflectorless measurements

® Laser safety and total stations

Distance measurement

When a distance is measured with a total station, an electromagnetic wave or pulse is
used for the measurement — this is propagated through the atmosphere from instru-
ment to reflector or target and back during a measurement. Distances are measured
by one of two methods: the phase measurement method, which uses continuous elec-
tromagnetic waves, or the timed pulse method, in which pulses of laser radiation are
used.

Phase measurement method

This technique uses continuous electromagnetic waves for distance measurement.
Although these are extremely complex in nature, electromagnetic waves can be rep-

Total stations
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Figure 5.4 @ Sinusoidal wave motion: (a) as a function of distance or time (b) as a func-
tion of phase angle ¢.

resented in their simplest form as periodic sinusoidal waves, as shown in Figure 5.4.
The wave completes a cycle when moving between identical points on the wave and
the number of times in one second the wave completes a cycle is called the frequency of
the wave. The frequency is represented by fhertz, 1 hertz (Hz) being 1 cycle per second.
The wavelength is the distance which separates two identical points on the wave or is
that length travelled in one cycle by the wave and is denoted by 4 metres.

The speed of propagation v of an electromagnetic wave depends on the medium
through which it is travelling. In a vacuum or free space, the speed of propagation is
called the speed of light and is given the symbol c. This is known at the present time as

¢=299,792,458 m s-1

Interestingly, the definition of the metre is that it is the distance travelled by light
in a vacuum during a time interval of 1/299,792,458 of a second, the inverse of the
speed of light c.

An exact knowledge of ¢, which is called a universal constant, is essential to elec-
tromagnetic distance measurement. The speed of electromagnetic radiation when
propagated through the atmosphere will vary from the free space value according to
the temperature, humidity and pressure at the time of measurement. However, using
well-established formulae, v can be calculated for any set of atmospheric conditions
(this is discussed further in Section 5.5 in Atmospheric effects).

All of the above properties of electromagnetic waves are related by

A=—
f

A further term associated with periodic waves is the phase of the wave. As far as dis-
tance measurement is concerned, this is a convenient method of identifying frac-
tions of a wavelength or cycle. A relationship that expresses the instantaneous
amplitude A of a sinusoidal wave is (see Figure 5.4(b))



A=Amax sin g + Ag

where Ay, is the maximum amplitude developed by the wave, A is the reference
amplitude and ¢ is the phase angle. Angular degrees are often used as units for a phase
angle up to a maximum of 360° for a complete cycle and it is important to note that a
phase angle between 0 and 360° can apply to the same position on any cycle or wave-
length.

The phase measurement method determines distance by measuring the difference
in phase angle between transmitted and reflected signals. This phase difference is
usually expressed as a fraction of a cycle, which can be converted into distance when
the frequency and velocity of the wave are known.

The methods involved in measuring a distance by the phase measurement method
are as follows.

In Figure 5.5(a), a total station has been set up at A and a reflector at B so that
distance AB = D can be measured.

Figure 5.5(b) shows the same configuration as in Figure 5.5(a), but only the details
of the electromagnetic wave path have been shown. The wave is continuously trans-
mitted from A towards B, is instantly reflected at B (without change of phase angle)
and received back at A. For clarity, the same sequence is shown in Figure 5.5(c) but
the return wave has been opened out. Points A and A’ are the same since the trans-
mitter and receiver would be side by side in the instrument at A.

From Figure 5.5(c) it is apparent that the distance covered by the wave in travelling
from A to A'is given by

2D =ndpm + Ay

where D is the distance between A and B, A, the wavelength of the measuring wave,
n the whole number of wavelengths travelled by the wave and A4, the fraction of a
wavelength travelled by the wave. Since the double distance is measured, the effec-
tive measuring wavelength is 1., /2.
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Figure 5.5 ® Phase measurement method.
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The distance D is made up of two separate parts which are determined by two
processes.

® The phase measurement or Ady, measurement is carried out by measuring phase
angles. An electronic phase meter or detector built into the total station at A
measures the phase of the electromagnetic wave as it is transmitted. Let this be ¢
degrees. Assume the same detector also measures the phase of the wave as it returns
from the reflector at A’ (¢,°). These two can be compared to give a measure of Aiy,
using the relationship

phase difference in degrees (92 —¢1)°
_ XAy =

W2-0) ,
360 */m

AL
m 360

® Since the phase value ¢, can apply to any incoming wavelength at A’, the phase
measurement can only provide a means of determining by how much the wave
travels in excess of a whole number of wavelengths. Therefore, some method of
determining nipy,, the other part of the unknown distance, is required. This is
referred to as resolving the ambiguity of the phase measurement and can be carried
out by one of two methods. Either the measuring wavelength is increased in
multiples of 10 until a coarse measurement of D is eventually made, or the
distance can be found by measuring the line with different but related
wavelengths to form simultaneous equations of the form 2D = ni, + AAy. These
are solved to give a value for D.

Whatever techniques are used by a total station to carry out phase measurements
and to resolve ambiguities, they are fully automated and the instrument will measure
and display a distance at the press of a key — no calculations or any further action are
required.

Although they might appear to be very different, the same methods are used
by GNSS receivers to measure distances and to determine position. In this case, L-
Band signals are transmitted by the satellites with a wavelength of about 0.2 m, from
which a Aly, is obtained using phase measurement methods. Resolving the ambigu-
ity to give niy, is also necessary, but is a much more difficult process than with a total
station because of the long distances to the satellites. The processes by which a GNSS
receiver determines distance are described in Chapter 7.

Modulation

Total stations use the wavelength A, of an electromagnetic wave as the basic unit for
measuring a distance by the phase measurement method. The value chosen for A,
depends to a great extent on the desired accuracy of the instrument and on phase res-
olution, the smallest fraction of a cycle that the instrument is capable of resolving. By
combining a distance resolution of 1 mm with 1/10,000 digital phase resolution, a
typical value chosen for Ay, is 10 m (1 mm x 10,000), which corresponds to a fre-
quency for the measuring wave of 30 MHz. This and similar frequencies used for dis-
tance measurement by total stations are in the VHF part of the electromagnetic
spectrum and, although it is possible to generate and transmit a VHF signal fairly eas-
ily, problems occur when these are to be propagated through the atmosphere. To
transmit this order of frequency over any distance without significant attenuation of
the signal would require either a very large transmitter or a small but very inefficient



/\/\/\/\/\/\ Measuring wave

Carrier wave

Carrier wave modulated
by measuring wave

Figure 5.6 ® Amplitude or intensity modulation.

transmitter that would require considerable power to drive it. Both of these alterna-
tives are unacceptable for portable surveying equipment. A solution to these prob-
lems might be to decrease the value of Ay, and therefore increase the frequency of
measurement and accuracy of length measurement. This could be done until a suit-
able compromise is reached for both transmission and measurement. Unfortunately,
the phase measurement process tends to become unstable at high frequencies, and
use of a very short measuring wavelength would result in difficulties with resolving
the ambiguity of measurement.

In order to be able to use a typical measuring wavelength of 10 m and combine this
with efficient propagation, the process of modulation is used, in which the measuring
wave is mixed with a carrier wave of much higher frequency. The carrier wave is cho-
sen to be a type of radiation that can be transmitted through the atmosphere without
serious attenuation over long distances. The type of modulation used in the majority
of total stations is amplitude or intensity modulation (Figure 5.6), in which the measur-
ing wave is used to vary the amplitude of the carrier wave. During a distance measure-
ment, although it is the carrier wave that is transmitted, the phase measurement is
carried out as if the measuring wave was transmitted directly. The carrier waves used
in most instruments are either infrared or visible red lasers and this is due to the car-
rier source, which is a semiconductor diode. These can be very easily amplitude mod-
ulated at the high frequencies required for distance measurement and provide a
simple and inexpensive method of producing a modulated carrier wave, as shown in
Figure 5.7.

Phase measurement system

The schematic diagram of Figure 5.8 shows the essential parts of a phase measure-
ment distance-measuring system of an integrated total station.

The sinusoidal modulation signal or measuring wave Ay, is derived from a crystal-
controlled oscillator, the frequency value of which is typically 10-100 MHz. It is nec-
essary that the frequency of the measuring wave be held at a constant value within a
few parts per million (ppm) of the nominal frequency, as this determines the accu-
racy for distances when scaled by the velocity of the wave (remember A = v/f).
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Figure 5.7 ® Modulation of semiconductor diode.
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Figure 5.8 ® Phase distance measuring system.

The intensity-modulated carrier is transmitted from the total station towards a
reflector or target at the remote end of the line to be measured. Since the carrier is an
infrared or visible laser, optical components are used to focus and transmit the carrier
along the line of sight of the telescope as a highly collimated beam with a low angular
divergence. This helps to increase the measuring range of the instrument.

The receiving optics are usually mounted coaxially with the transmitting optics and
they occupy as large an area as possible so as to collect sufficient return signal for measure-
ment purposes. Upon re-entering the instrument, the modulated carrier is detected and
demodulation takes place (the separation of the measuring and carrier waves).

From the demodulator, the return signal is fed into the phase comparator. A refer-
ence signal, also derived from the modulation oscillator, is fed into the phase
comparator and these two signals are processed to produce a A¢ or AA value for the
relevant line. In addition to this, further measurements are taken to resolve the ambi-
guity of measurement.

This process has been described as if one wave was transmitted from instrument to
reflector. However, a standing wave is established between the total station and re-



flector and the phase measurement is sampled many times to improve precision. In
addition to this, several patented improvements have been made to the optical and
electronic components of the system described to enhance the accuracy and the
range of the method.

Timed-pulse method

In many total stations, distances are obtained by measuring the time taken for a pulse
of laser radiation to travel from the instrument to a prism (or target) and back. Since
the velocity v of the pulses can be accurately determined, the distance D can be ob-
tained using 2D = vt, where t is the time taken for a single pulse to travel from instru-
ment-target-instrument. This is known as the timed-pulse, time-of-flight or direct reflex
measurement technique, in which the transit time t is measured. Figure 5.9 shows a
simplified block diagram of a timed-pulse distance measuring system. The pulses are
derived from a laser diode and they are transmitted by a total station through the
telescope towards the remote end of the distance being measured, where they are re-
flected and return to the instrument. As a laser pulse is transmitted from the instru-
ment, a small part of it is diverted by a beam splitter onto a photodiode which sends a
start signal to a timing device. The timing device is an oscillator, electronic gate and
high-speed counter. The start signal opens a connection (gate) between the oscillator
and high-speed counter which is closed by the returning pulse. The number of oscil-
lator cycles fed into the counter in between the start and stop signals is converted, us-
ing sophisticated triggering and digital signal processing techniques, into the transit
time. Although only a single pulse is necessary to obtain a distance, the accuracy ob-
tained would be poor and to improve this a large number of pulses (typically 20,000
every second) are analysed during each measurement to give a more accurate dis-
tance.

A benefit of using laser pulses to measure distances is that the method relies on
pulse detection and is not dependent on signal amplitude: this enables more efficient
receiver optics to be designed, which in turn increases the measuring range com-
pared with instruments using phase measurements.

The timed-pulse method is a much simpler approach to distance measurement
compared with the phase measurement method, which was originally developed
about 50 years ago at a time when electromagnetic distance measurement was first

Transmitted pulse
Pulsed laser diode f--#£--------- »-----
|
Photodiodes D " Reflected pulse
4_ _________________________
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Oscillator  |— Gate |— Counter D=E
Display
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Figure 5.9 ® Timed-pulse distance measurement.
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invented. Although methods based on transit times were considered at that time, it
was not possible to measure these with sufficient accuracy. Consequently, the phase
measurement method was adopted, but many total stations now use the timed-pulse
method.

Slope and horizontal distances

Both the phase measurement and timed-pulse methods will measure a slope distance
L from the total station along the line of sight to a reflector or target. For most
surveys, the horizontal distance D is required as well as the vertical component V of
the slope distance. With reference to Figure 5.10, these are calculated by the total
station using

Horizontal distance D = L cos ¢ =L sin z
Vertical component V=L sin ov=L cos z

where o is the vertical angle and z is the zenith angle.

Slope distance L
along line of sight

Vertical
component V

distance D

Horizontal

Figure 5.10 @ Slope and horizontal distances with total station.

As far as the user is concerned, these calculations are seldom done because the total
station will either display D and V automatically or will display L first and then D and
V after pressing keys.

These formulae are valid only for short distances, as the effects of curvature and re-
fraction become important on longer lines. This is discussed further for the vertical
component V in Section 5.6 Measuring heights (reduced levels) with total stations.

In addition to corrections that might be applied for curvature and refraction, a
number of other corrections have to be applied to the horizontal distance D before it
can be used in coordinate calculations and for setting out. These are known as scale
factor and reduction to mean sea level and are discussed in Section 8.7 Ordnance Sur-
vey National Grid and Ordnance Datum Newlyn for surveys based on coordinates in
Great Britain.



How accuracy of distance measurement is specified
All total stations have a linear accuracy quoted in the form
+ (a mm + b ppm)

The constant a is independent of the length being measured and is made up of internal
sources within the instrument that are normally beyond the control of the user. It is an
estimate of the individual errors caused by such phenomena as unwanted phase shifts
in electronic components, errors in phase and transit time measurements and differ-
ences between the mechanical and electrical centres of the instrument.

The systematic error b is proportional to the distance being measured, where 1
ppm (part per million) is equivalent to an additional error of 1 mm for every kilo-
metre measured. It depends on the atmospheric conditions at the time of measure-
ment and on any frequency drift in the oscillator. At short distances, this part of the
distance error is small in comparison to instrumental and centring errors and it can
be ignored for most survey work. However, at longer ranges, atmospheric conditions
can be the worst source of error for electromagnetic distance measurements, and
since these are proportional to distance, extra care should be taken in the recording
of meteorological conditions when these are used to calculate corrections that are
applied to long lines.

Typical distance measuring specifications for a total station are + (2 mm + 2 ppm)
and, as an example, at 100 m the error in distance measurement will be + 2 mm but at
1.5 km, the error will be + (2 mm + [2 mm/km x 1.5 km]) =+ 5 mm.

Reflectors and reflectorless measurements

When taking electromagnetic distance measurements, a return or reflected signal is
required for measurement purposes. This can be obtained using a special reflector or
directly from an uncooperative target (a target that is not a reflector).

Reflectors used in distance measurement

Since the waves or pulses transmitted by a total station are either visible or infrared
(which behaves like light but is invisible), a plane mirror could be used to reflect them.
Unfortunately, this would require very accurate alignment of the mirror, because the
transmitted wave or pulses have a narrow spread. To overcome this problem, special re-
flecting prisms are used instead. These are constructed from glass cubes or blocks and
will always return a wave or pulse along a path exactly parallel to the incident path, but
over a wide range of angles of incidence to the normal of the front face of the prism, as
shown in Figure 5.11. As a result, the alignment of the prism is not critical and it is
quickly set when on site. However, alignment within 20° is recommended as errors will
be introduced into a distance measurement if the alignment is poor.

A wide range of glass reflecting prisms are available to suit short range measure-
ments (small prisms) and long range measurements (large and multiple prisms).
Single and triple prism sets (a combination of a prism with an optical target) for
tripod mounting are shown in Figures 3.19 and 5.12. These would normally be
used for control surveys. For setting out and mapping, a pole-mounted reflector
(or detail pole) similar to that shown in Figures 3.20 and 5.2 can be used. As well as
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Figure 5.11 @ Glass corner cube reflecting prism (retroreflector).

Hand-held mini prism Mini prism for pole mounting

Figure 5.12 @ Single and triple prism sets with Figure 5.13 ® Handheld and pole-mounted mini
tribrachs for tripod mounting (courtesy Sokkia prisms (courtesy Leica Geosystems).
Topcon Co Ltd).

these, handheld or pole-mounted mini prisms are available and these are shown in
Figures 3.22 and 5.13. When surveying with a robotic total station, a 360° prism is
used (see Figure 5.14) which allows measurements to be taken from any direction. Be-
cause of the difficulty in aligning a 360° prism exactly, they should not be used for
precise measurements.

Associated with all glass reflecting prisms is a prism constant — this is the distance
between the effective centre of the prism and its plumbing point. Owing to the re-
fractive properties of glass, which slow down the carrier wave or pulse when it passes
through a prism, its effective centre is normally well behind the physical centre, as
shown in Figure 5.15. A prism constant is typically -30 or -40 mm, but can be 0 mm,
and this value is keyed into a total station as a correction that is applied automatically
to each distance measured. If ignored, or applied incorrectly, this is a systematic error
present in all measured distances and it is not eliminated by applying any field proce-
dure. It is therefore very important that the correct prism constant is identified for the prism
in use with a total station and that it is applied to all measurements.

As an alternative to reflecting prisms and at short distances, special plane reflecting
targets or foil, as shown in Figure 5.16, can be used. These are made of plastic in
various sizes, formats and colours, are self-adhesive and are available in sheet or roll
form. This type of target is capable of reflecting a signal over a range of intersection
angles and will work with most total stations — they are ideal for monitoring where
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Figure 5.14 @ 360° prisms (courtesy Leica Geosystems and Trimble & KOREC Group).
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prism constant

V

Plumbing point
Figure 5.15 ® Prism constant.

targets have to be left in the same positions for long periods of time. When using
these targets, the measuring range that can be obtained depends on their size, but a
25-30 mm square target will generally be sufficient to measure up to 100 m. This type
of reflector can also be pole mounted, as shown in Figure 5.17. The angle of intersec-
tion of these reflectors can affect their measuring range and accuracy considerably,
and, where possible, they should be sighted such that the line of sight of the tele-
scope is as close as possible to the normal to the reflector.

Reflectorless distance measurement

For many applications in construction and surveying, it often difficult or inconve-
nient to place a reflector at one end of the distance to be measured. In reflectorless
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Figure 5.17 ® Pole-mounted plastic reflector (courtesy Leica Geosystems).

mode, a total station can measure distances without using a reflector. To take a
measurement, the telescope cross hairs are simply aimed at the point to be measured
in order to record the distance. There is no need to locate a prism or special reflector
at the point. Measurements not requiring a reflector can have considerable advan-
tages over distance measurement with reflectors, especially when measurements
have to be taken to difficult targets that are inaccessible or dangerous to reach.
Because there is no need for a reflector, other advantages are that measurements can
be taken by one person and in a reduced time as there is no need to wait whilst the
reflector is moved from point-to-point. Because target location can be a problem with
reflectorless measurements, those systems using a visible red laser (instead of infrared
lasers) have the advantage that this can be used to locate the measurement point
exactly instead of using the telescope cross hairs.



The following are examples of applications for reflectorless distance measurements:
® Monitoring of deformation in bridges, cooling towers and other large structures
® Monitoring of waste disposal sites, slurry pits and other hazardous areas
® Measuring volumes in quarries and open cast mines

® Recording dimensions on elevated objects such as roofs, ceilings and high walls for
the surveys of buildings

® Tunnel profiling

® Mapping building and other facades, cliffs and rock faces without the need to erect
scaffolding for access

® Setting out in deep trenches and foundations where safety is an issue
® Surveys of roads and railways avoiding traffic disruption

® Property surveys where there is no land access

Comparison of techniques

At present, a variety of total stations are available that can take distance measurements to
aprism and in reflectorless mode using the phase measurement or timed-pulse methods.

Phase measurements taken to a prism tend to be the most accurate, and those
systems using a laser carrier wave will have measuring ranges of up to about 2-5 km
to a single prism. In reflectorless mode, the phase measurement method can record
distances up to about 200-300 m.

Those instruments using timed-pulse technology can measure longer distances
than the phase measurement method, and in reflectorless mode the range can be up
to 2 km. Although the accuracy obtainable with a timed-pulse system is slightly less
than with the phase measurement method, the difference is small enough to be ig-
nored for most work on site.

Although atmospheric conditions and visibility can affect these, the ranges quoted
by each manufacturer for distance measurements taken to a prism are well defined
because the reflecting surface is always the same (a glass prism or plastic reflector).
However, when specifying the range for reflectorless measurements, the situation is
quite different, because the maximum distance that can be obtained will depend on
the reflectivity of the object surveyed. For example, reflectorless measurements taken
to white surfaces are much more efficient than those taken to dark surfaces; smooth
surfaces are also better reflectors, as are dry surfaces compared to wet ones.

In order to be able to compare the ranges produced by different instruments in
reflectorless mode, a standard surface known as the Kodak Grey Card is used. This is a
card which is white on one side and reflects exactly 90% of the light that is incident
on it and grey on the other, reflecting exactly 18% of the light that is incident upon
it. Most manufacturers use the Kodak Grey Card 18% Reflective Standard for specifying
the ranges that can be obtained in reflectorless mode with their total stations. The
range to the 18% reflective Kodak Grey Standard is the most reliable indicator of the
range that will be obtained on site because most everyday objects have an average
reflectivity of about 18%. If a range is quoted to the 90% reflective standard, this only
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shows the distance that the total station can achieve when measuring to a very
highly reflective target under ideal conditions.

The laser source used in all total stations diverges (or spreads out) as it travels from
the instrument to a reflector or target and the size of the laser at the point of measure-
ment is called its footprint. For reflectorless measurements, a large laser footprint at
long range can be both a disadvantage and an advantage: a disadvantage as it reduces
signal strength and the chance of a successful measurement, and an advantage as it
enables small objects — especially power lines and antennas — to be detected and mea-
sured. On the other hand, a small laser footprint has considerable advantages when
structures such as buildings and tunnels are to be surveyed, especially at close range,
as the narrow beam precisely marks a target. For all reflectorless measurements, the
size of a laser footprint is greatly affected when observations are taken at very oblique
angles to the line of sight of the telescope. In situations where distances are to be
measured under difficult conditions (poor reflectivity, at oblique angles or to small
objects), those total stations using timed-pulse methods are more likely to be able to
take satisfactory measurements. However, phase measurement systems tend to have
a smaller divergence than a timed-pulse system and can locate objects more precisely.

Another comparison that can be made between different instruments is their time
of measurement. Generally, the timed-pulse technique is faster in the reflectorless
mode because the phase measurement method has a measurement time that
increases as a function of the distance being measured. For applications where
reflectorless measurements are taken and where a short measuring time is critical,
timed-pulse systems should be used.

Laser safety and total stations

Although laser safety on site is discussed in detail in Section 11.5, a summary is given
here that is relevant to total stations.

The main hazard associated with lasers in surveying and construction is damage to
the eyes, and to help assess this, total station lasers are classified as Class 1, Class 2 or
Class 3R.

® Class 1 laser products are safe under all reasonably foreseeable conditions and are
not harmful to the eyes even when viewed directly through optical instruments.
Some of the infrared lasers used in distance measurement fall into this laser
classification.

® (Class 2 lasers can emit visible laser radiation and all those working on site in the
vicinity of the total station must be careful not to stare directly into the beam with
the naked eye or with any optical instrument such as binoculars, a level, a
theodolite or another total station. In addition, the instrument must not be
pointed at anyone. Many total stations use Class 2 lasers for reflectorless
measurements and most laser plummets are Class 2.

® Class 3R lasers are also used by some total stations in reflectorless mode. The use of
these high-powered lasers extends the range of the instrument but increases the
safety risk, and looking directly into the emitted beam is dangerous to the eyes. A
number of rules apply to the use of Class 3R laser products — these include not
aiming the instrument at reflective areas such as windows or metal surfaces which
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Figure 5.18 @ Laser safety labels for total stations (courtesy Leica Geosystems).

could emit unwanted reflections, ensuring that it is not possible for anyone on site
to look directly into the beam with or without an optical instrument and the
possible erection of warning signs in the area in which the total station is to be
used. Consequently, it may only be practical for Class 3R total stations to be used
in protected construction environments, and not in open and public areas.

All total stations must have labels attached to them giving details of the lasers used

and the points at which they are emitted from the instrument — examples of some of
these are shown in Figure 5.18. If the labels are missing and it is not possible to
determine the classification of the laser, the total station should not be used.

Reflective summary

With reference to electromagnetic distance measurement, remember:

— Total stations can measure distances by the phase measurement or timed-pulse
methods. From a practical point of view and for site work, there is not much differ-
ence between these and both will give acceptable results.

— The phase measurement method gives a distance as a phase difference with am-
biguity resolution, whereas the timed-pulse method measures transit times.

w@
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These are not direct methods of measuring distances like taping because the
phase difference or transit time has to be converted into a distance.

— Distances measured with reflectors give the best accuracy and range, but
reflectorless distance measurements have become a standard feature of total sta-
tions — these can be taken using both the phase measurement and timed-pulse
methods.

— Although reflectorless measurements have some advantages over those requiring
reflectors, the distance over which they can be taken varies according to the
reflectivity of the target the total station is aimed at — this can be unpredictable.

— The maximum distance that a total station can measure in reflectorless mode
should be specified, by the manufacturer, using the Kodak Grey Card 18% Reflec-
tive Standard — those that have a different specification may appear to have
longer ranges but may not perform so well on site.

— Nearly all total stations now use lasers for distance measurements and for
centring — everyone using these must be aware of the hazards associated with the
use of lasers both to personnel on site and to the general public.

5.3 Instrumentation

After studying this section you should be familiar with the various categories of total
station and the applications for which each is intended. You should also be aware of
all the components and features of a total station that are used for measuring angles
and distances in site surveying.

This section includes the following topics:

® Features of total stations
® Applications software
® Robotic total stations

® Handheld laser distance meters

Features of total stations

All total stations are capable of measuring angles and distances simultaneously and
combine an electronic theodolite with a distance-measuring system and microprocessor.
The microprocessor not only controls both the angle and distance measuring systems but
is also used as a computer that can calculate slope corrections, vertical components, rect-
angular coordinates and other information as well as setting out data. Most total stations
can also process and store observations directly using an internal memory.

Three broad categories of total station are available. Instruments intended for use
in building and construction have a shorter measuring range and lower angular specifi-
cation than others, but they are made to be more robust and will resist water and dust
penetration to a higher degree. It has been shown that 95% of all site distance



Leica Builder Trimble 3600
Figure 5.19 ® Total stations for building and construction (courtesy Leica Geosystems and
Trimble & KOREC Group).

measurements are under 500 m and that a 10" angular accuracy is adequate for most
setting out procedures. Examples of instruments in this category are the Leica Builder
Series and the Trimble 3600 shown in Figure 5.19. The next category of total station
covers those intended for surveying applications. These will have better angle and
distance specifications, more functions, and better data storage and processing capa-
bilities. Examples of instruments in this category are Sokkia’s SRX Series and the
Topcon GTS-750, shown in Figure 5.20. The remaining category are robotic total
stations, which tend to have the best specifications but are the most expensive — ex-
amples of these are shown in Figures 5.24 and 5.25.

Sokkia SRX Topcon GTS-750

Figure 5.20 @ Total stations for survey applications (courtesy Sokkia Topcon Co Ltd and
Phoenix Surveying Equipment Ltd).
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Although many different total stations are available with differing technical speci-
fications, they tend to be made to a similar format. Those features common to the
majority of instruments are described in this section.

Angle measurement

All of the components of the electronic theodolite described in Chapter 3 form part of a
total station and these can all be seen on the total stations shown in Figures 5.19 and 5.20.

The axis configuration of a total station is identical to that of a theodolite and com-
prises the vertical axis, the tilting axis and line of sight (or collimation), and these
should all be mutually perpendicular. Major parts of these instruments include the tri-
brach with levelling footscrews, the keyboard with display and the telescope which is
mounted on the standards and which rotates around the tilting axis. Levelling is car-
ried out in exactly the same way as for a theodolite by adjusting the footscrews to cen-
tralise a plate or electronic level. The telescope can be transited and used in the face left
(or face I) and face right (or face II) positions. Horizontal rotation of the total station
about the vertical axis is controlled by a horizontal clamp and tangent screw and rota-
tion of the telescope about the tilting axis is controlled by a vertical clamp and tangent
screw. These can be replaced by endless friction drives that do not require a clamp, and
some total stations incorporate dual-speed drives — coarse for rapid target location and
fine for exact target location. Many total stations are motorised and are fitted with au-
tomatic target recognition - these do not need an observer to locate, point and mea-
sure to a reflector. These are known as robotic total stations and are described later in
this section. All total stations will have a horizontal and vertical circle for measurement
of angles, which are measured in digital form and displayed as degrees—minutes—sec-
onds or gons. The angular accuracy of a total station varies from instrument to instru-
ment but this will be in the range 1-10" for most of the instruments that are likely to be
used in construction surveying. The majority of total stations will have dual-axis com-
pensation and all have either an optical or laser plummet.

The total station can be used to measure angles in the same way as an electronic
theodolite using the procedures described in Section 3.5. This gives details for
measurements taken on both faces. Some instruments will have software installed for
measuring rounds of angles on both faces, but it is often usual to measure on one face
only with a total station. This is acceptable provided the total station is properly cali-
brated (as described in Section 5.5).

Distance measurement

All total stations will measure a slope distance which the onboard computer uses, together
with the zenith (vertical) angle recorded by the theodolite along the line of sight (line of
distance measurement) to calculate the horizontal distance. In addition, the height differ-
ence between the tilting axis and prism centre is also calculated and can be displayed.

In Section 5.2, the phase measurement and timed-pulse methods by which a total
station measures distances have been described. Three types of measurement are
possible when using either of these.

For distances taken to a prism or plastic reflector, the most accurate is precise (fine
or standard) measurement. For phase measurement systems, a typical specification for
this is a measurement time of about 1-2 s, an accuracy of (2 mm + 2 ppm) and a range



of 2-5 km to a single prism. For timed-pulse systems, the range that can be measured
to a prism is slightly longer, but the measurement times can be up to 5 s with an accu-
racy of (3 mm + 3 ppm). Although all manufacturers quote ranges of several kilo-
metres to a single prism, there are practical difficulties with this and ranges beyond
several hundreds of metres are seldom measured on site.

For those construction projects where long distances are required to be measured,
GNSS methods are used in preference to total stations. There is no standard distance
at which the change from one to the other occurs, as this will depend on a number of
factors, including the accuracy required and site topography. However, it would be
unusual to measure distances well over 500 m with a total station.

Rapid (coarse or fast) measurement reduces the measurement time to a prism or plas-
tic reflector to between 0.5 and 1 s for both phase measurement and timed-pulse
systems, but the accuracy for both may degrade slightly.

These two measurement techniques would normally be used for control surveys
and mapping.

Tracking measurements are taken extensively when setting out or for machine control,
since readings are updated very quickly and vary in response to movements of the prism,
which is usually pole-mounted. In this mode, the distance measurement is repeated auto-
matically at intervals of less than 0.5 s.

For reflectorless measurements taken with a phase measurement system, the range
that can be obtained is about 200 m, with a similar accuracy to that obtained when
using a prism or plastic reflector. However, this can vary according to the reflectivity
of the target and the angle of incidence of the measurement. The measurement time
will also vary and is typically 3 s + 1 s for every 10 m measured over 30 m. Reflectorless
measurements with timed-pulse systems have a range of 200-300 m (but 2 km is pos-
sible) and their measurement time is of the order of 5 s irrespective of distance. The
accuracy is similar to measurements taken to a prism.

The specifications given here are representative only and do not apply to any
particular total station — for further information, the brochure for each instrument or
web site provided by each manufacturer should be consulted. The web sites of the
principal manufacturers are listed at the end of the chapter.

Keyboard and display

A total station is activated through its control panel, which consists of a keyboard
and multiple line liquid crystal display (LCD). Total station displays are moisture-
proof and can be illuminated; some incorporate contrast controls to accommodate
different viewing angles. A number of total stations have two control panels (one on
each face) which makes them easier to use. The keyboard enables the user to select
and implement different measurement modes, enables instrument parameters to be
changed and allows special software functions to be accessed. Some keyboards incor-
porate multi-function keys that carry out specific tasks, whereas others use keys to
activate and display menu systems which enable the total station to be used as a
computer might be.

In addition to controlling the total station, the keyboard is often used to code data
generated by the instrument. Angles and distances are usually recorded electronically
by a total station in digital form as raw data (slope distance, vertical angle and hori-
zontal angle). For mapping, if a code is entered from the keyboard to define the
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Figure 5.21 ® Examples of total station keyboards and displays: (a) Leica FlexLine TS02
with basic functions required on site; (b) Pentax W-800 with greater functionality re-
quired for mapping and other surveys (courtesy Leica Geosystems and Pentax Industrial
Instruments Co Ltd).

feature being observed, the data can be processed much more quickly when it is
downloaded into and processed by an office-based computer. On numerical
keyboards, codes are represented by numbers only, whereas on alphanumeric
keyboards, codes can be represented by numbers and/or letters, which gives greater
versatility and scope. Many total stations now have large graphic screens that make it
possible for data to be edited on site. Feature codes and their application to large-scale
surveys and mapping are discussed in Section 10.9.

Some examples of keyboards and displays are given in Figure 5.21.

On some total stations, the keyboard and display can be detached from the instru-
ment and interchanged with other total stations and with GNSS receivers, in what is
known as integrated surveying. This enables data to be shared between different instru-
ments and systems using a single interface. These combined keyboards and displays
not only control the instrument, but are also data storage devices (these are described
in Section 5.4).

Power supply

Three types of rechargeable battery are used in surveying instruments: these are
nickel cadmium (NiCd), nickel metal hydride (NiMH) and lithium-ion (Li-lon) bat-
teries. The NiCd battery has been available for many years, but is being replaced by
the NiMH and Li-Ion batteries. Li-lon batteries, which have the advantage of being
easy to charge and maintain are becoming the most popular in total stations. Re-
chargeable batteries are made in various sizes and capacities by each manufacturer,
who supply these as part of the instrument together with a charger. As an alternative
to rechargeable batteries, some instruments will accept replaceable AA size alkaline
batteries. Most total stations are capable of giving a battery power indication and
some have an auto power save feature which switches the instrument off or into
some standby mode after it has not been used for a specific time.

Useful accessories

An optical guidance system for setting out has been produced by a number of manufac-
turers. One or two light-emitting diodes, situated just above or below the telescope
objective, emit a visible light pattern which enables a detail pole to be set directly on
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Figure 5.22 @ Optical guidance system for setting out with total station (courtesy Trimble &

KOREC Group).

the line of sight and at the correct distance without the need for hand signals from
the total station. In one system, the device consists of two visible beams of red light,
one steady and one flashing: if the prism is to the left of centre of the line of sight, a
steady red light is seen and if the prism is to the right, a flashing red light is seen — as
shown in Figure 5.22. During setting out, the frequency of the flashing changes to
indicate whether the prism needs to move forward or back in order to set out the
correct distance to the design point. In other systems, different coloured lights are
used to indicate setting out to the left or right and the rate at which these flash helps
position the prism along the line of sight.

In some total stations, an autofocus (AF) facility is available. To use this, the tele-
scope is aimed at a prism or target, an AF button is pressed (see Figure 5.23) and the
focus is set automatically - this considerably reduces the time taken to locate points
compared with manual focusing. However, if needed, manual focusing can be carried
out on all total stations fitted with an autofocus system.

AF button

Figure 5.23 ® Autofocus button for Pentax R-300X (courtesy Pentax Industrial Instru-
ments Co Ltd).
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Applications software

The microprocessor built into a total station is the equivalent of a small computer and
the primary function for this is controlling the measurement of angles and distances —
to do this, the microprocessor issues on-screen instructions which guide the operator
through each measuring sequence. However, the microprocessor is also pre-
programmed to enable the operator to perform a number of other survey tasks and to
carry out coordinate and other calculations. It can process and store survey data and it
is also used to help the operator carry out calibration checks on the instrument.

All of these functions are activated using a menu structure, the complexity of
which varies from instrument to instrument. The applications software available on
many total stations includes the following:

® Slope corrections and reduced levels

® Horizontal circle orientation

® Coordinate measurement

® Traverse measurements

® Resection (or free stationing)

® Missing Line Measurement (MLM)

® Remote Elevation Measurement (REM)
® Areas

® Setting out

Further details on some of these applications are given in subsequent chapters.

Robotic total stations

The latest generation of total stations have many of the features described in the
previous sections but are also fitted with servo-motors which control their horizontal
and vertical movement. These are known as robotic total stations and examples of
these are the Leica TPS1200 and Trimble S6 series shown in Figure 5.24. When using
these instruments, the operator does not have to look through the telescope to align
with a prism or a target because the servo-motors — after a key press to initiate a
measurement — take over pointing the instrument. This has some advantages over a
manually pointed system, since a robotic total station can aim and point much more
quickly and with a better precision. For setting out, a point number is entered and the
instrument instantly computes setting out data and automatically positions itself on
the calculated bearing. If an elevation is stored, the total station will also align itself
along the correct vertical angle.

A servo-assisted pointing is made possible in these total stations by using Automatic
Target Recognition (ATR), which requires the total station to be fitted with an ATR
sensor. At the start of a survey, the search routine used to find a prism or reflective
target is initiated by the operator. The ATR sensors of the Leica and Trimble total
stations transmit a vertical laser fan whilst the instrument is rotated horizontally
through an angle up to 360° or through a user-defined window. As soon as the prism



Leica TPS1200+ Trimble S6
Figure 5.24 @ Robotic total stations (courtesy Leica Geosystems and Trimble & KOREC
Group).

is located within the fan, the instrument stops rotating and switches to a vertical scan
with narrow beam to complete the search. In the method used by the Topcon GPT-
9000A (see Figure 5.25), four fixed sensors mounted on each side of a special carrying
handle transmit a laser beam to detect the prism. In each case, part of the sensor
beam is reflected back to the total station and is processed by a digital camera
mounted inside the ATR sensor. For the final part of the search and lock-on, the exact
position of the centre of the sensor beam is determined and then horizontal and
vertical offsets from this to the telescope cross hairs are computed. These are then
used to control the servo-motors which will rotate the instrument to minimise the
offsets and precisely locate the prism. Once locked on, the total station will follow
the movement of the prism and measurements are taken without the need for any
manual pointing of the telescope. However, if the line of sight is obscured or the
prism moves too quickly, a loss of prism lock might occur.

Although all robotic total stations can be used as conventional instruments might
be, their full potential is realised when they are remote controlled. By providing re-
mote control of the total station from the prism, these are surveying systems that per-
mit single-user operation for either mapping or setting out. To do this, the instrument
works together with a special detail pole, as shown in Figure 5.25. This has a 360° prism
fitted to it as well as a small computer (called a remote control unit or simply controller)
and radio or infrared communication between the prism and total station.

Although a survey is carried out with a robotic total station from the detail pole, it
is possible to access and use all the functions of the total station as if the operator was
standing at the instrument. As soon as the total station and controller are switched
on, a signal is transmitted by the operator at the detail pole to instruct the total
station to search for and lock onto the prism. As measurements are taken, the instru-
ment automatically follows the movements of the prism and if contact is lost, this is
re-established by the search routine.
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Leica TPS1200 pole-mounted 360° prism and controlller (uses
radio communication to total station)

Topcon GPT-9000A with FC-200 Field Controller RC-3 and FC-200 on detail pole

with both 2.4 GHz radio and RC-3 IR with 360° prism

communication system
Figure 5.25 ® Robotic total stations with remote control (courtesy Leica Geosystems and
Phoenix Surveying Equipment Ltd).

When collecting data for topographical surveys with a robotic total station, the operator
places the detail pole at a point of interest and, by pressing keys on the controller, the
angles and slope distance are measured to the prism from the total station. A feature
code is allocated and all of this data is stored in the controller. All field data is eventu-
ally processed by detaching the controller from the reflector pole and taking it to the
site or survey office or by using email and a cellular modem on site to connect it to a
computer for file transfer.
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When setting out with a robotic total station, the procedure is reversed and coordi-
nates are uploaded from a computer file into the controller. On site, the controller is
attached to the detail pole, and the total station is set up, orientated and locked onto
the prism. The detail pole is held at the approximate position of the point to be set
out and its number or identity code is keyed into the controller in order to generate
the relevant setting out data. The controller will, after an angle and distance measure-
ment has been taken, use this data to display the amounts by which the reflector pole
has to be moved so that the exact position of the point can be set out.

Imaging and scanning total stations

Another development of the total station is to add a digital camera and scanning fa-
cility to a robotic total station, examples of which are the Topcon GPT-9000IS Imag-
ing Station and Trimble VX Spatial Station, as shown in Figure 5.26.

Trimble VX
Figure 5.26 ® Topcon GPT-9000IS Imaging Station and Trimble VX Spatial Station (cour-
tesy Phoenix Surveying Equipment Ltd and Trimble & KOREC Group).



152 Surveying for engineers

The telescope of these instruments can be made to scan and record the positions of
features on an object such as a building by measuring distances and angles to it using
a defined pattern — all the operator has to do is initiate the measuring process and the
total station scans and records automatically. The scanning is carried out at a rate of
about 15-20 points a second and all data is recorded by the instrument for later pro-
cessing in the office to produce a 3D model and plans of the site. The on-board cam-
era allows live video to be displayed on the colour screen, thereby allowing the
operator to see what the instrument is aimed at without the need to look through the
telescope. The instrument can be directed simply by tapping the desired position on
the live video display. When a scan is made, sufficient still images are automatically
recorded to cover the scan area.

A further development of the scanning total station is the terrestrial laser scanner,
which is an instrument made specifically for data capture in a wide variety of applica-
tions. Compared to total stations, these instruments are fully automated and also
measure angles and distances to an object, but are capable of much higher scanning
speeds of, in some instruments, well over 100,000 points per second. Terrestrial laser
scanning is described in Section 10.8.

Handheld laser distance meters

As well as taping and total stations, distances can also be measured using devices such
as the Leica DISTO, a handheld distance meter, which is shown in use in Figure 5.27.
Although these are not total stations, they are included here as they use electronic
methods for distance measurement.

To use one of these, all the operator has to do is hold the DISTO at one end of the
feature to be measured, point it at the other and press a button - the distance is then
displayed automatically. As it is a handheld device, distances can be measured in
any direction by simply pointing the DISTO as required. The method used for
the measurement of distance is a mixture of the phase measurement and timed-pulse
methods described in Section 5.2. In this case, a laser diode in the DISTO emits pulses
which are transmitted towards a target and reflected (without using a prism) back to
the DISTO. Due to the difference between an internal reference path and the external
measurement path, the light pulses reflected from the target and received by the

Figure 5.27 @ Leica DISTO hand-held laser distance meter in use (courtesy Leica Geosystems).
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Figure 5.28 ® Measurement principle of DISTO (courtesy Leica Geosysytems).

DISTO experience a phase shift
compared with the light pulses received
through the internal reference path (see
Figure 5.28). As shown in Section 5.2,
the phase difference between these two
paths is proportional to the distance

5.410, between the instrument and the target.
LG This is measured by the DISTO and a
coarse frequency measurement is used
to resolve the ambiguity in distance.

A close-up of the DISTO DS is shown
in Figure 5.29. This has a quoted accuracy
of £1 mm and a range of 200 m. These
figures depend on the surface characteris-
tics of the target and may degrade under
difficult measuring conditions. The
DISTO DS has a variety of measurement
functions, it has a soft-touch keypad with
high-resolution colour display, and a tilt
sensor is provided for horizontal and vertical measurements.

Similar devices to the DISTO are also available from other equipment manufac-
turers, including the HD-series from Trimble and D-series from Fluke.

Handheld laser distance meters can be used to measure distances and heights in
almost any application on site. They are particularly useful where it is not possible
to use a tape when measuring across wide gaps, through obstacles and to elevated or
inaccessible points, and they are becoming the standard method for height transfer
in tall buildings and other large structures (this is described in Section 4.1 for tap-
ing). Another advantage is that only one person is needed to take distance measure-
ments. However, because these devices use a Class 2 laser, it is necessary to ensure
that no one can stare into the beam and that it is not accidentally pointed at anyone
during a measurement. For these reasons, some care is required when using a
handheld laser distance meter on site and in public spaces — amongst other safety
precautions that might be taken, aiming the beam above or below possible eye lev-
els is essential.

18.180m
17.919x
18.071n

DIST  TER

Figure 5.29 @ Leica DISTO D5 (courtesy
Leica Geosystems).
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Reflective summary W%E

S
With reference to instrumentation, remember:

— There are a lot of integrated total stations available to suit almost any application
on site. Because of this, some care is needed when choosing a system that
balances the accuracy and features required against costs.

— The technical specifications published for total stations show them to be high-
quality precision instruments for measuring angles and distances. However, they
can also perform a variety of other survey tasks such as traversing and calculation
of coordinates.

5.4 Electronic data recording and processing

After studying this section you should be aware of all the various methods used with
total stations and other survey equipment to store and manage survey data.
This section includes the following topics:

® Data collectors and controllers
® Field computers

® Internal memories and memory cards

Data collectors and controllers

One of the earliest and most successful applications of computers in surveying was
the creation of software and hardware for the automatic drawing of maps and plans.
These improvements, however, caused problems with data transfer because at the
time computers were first used in surveying, it was only possible to record observa-
tions by hand in field books. This meant that all the data collected on site had to be
taken to an office and entered manually, via a keyboard, into a computer so that the
required plan could be compiled and eventually plotted. This is a relatively slow
process, prone to error. These problems were overcome when total stations were
introduced because they can generate computer-compatible angle and distance read-
ings. Today, electronic data recording and transfer are carried out for all survey and
site work.

A number of different devices for recording data electronically have evolved. These
include data collectors (a form of handheld computer), which can be programmed to
ask the operator to record data from an instrument, and field computers, which are
laptop and tablet computers adapted to survey data collection. It is also possible to
use memory cards, which take the form of plug-in cards onto which data is encoded by
a total station, and data can also be stored using onboard or internal memory.

Typical examples of data collectors (also referred to as handhelds or controllers) used
for data storage and processing with total stations are the Topcon FC-2500 Field Con-
troller, Trimble’s TSC2 Controller and the Allegro CX, all of which are shown in



Topcon FC-2500 Trimble TSC2 Allegro CX

Figure 5.30 ® Data collectors or controllers (courtesy Phoenix Surveying Equipment Ltd,
Trimble & KOREC Group and Sokkia Topcon Co Ltd).

Figure 5.30. When interfaced with a total station, these data collectors take control of
the measurement process, and as each survey point is sighted, for example, in a detail
survey, the total station is instructed to transmit angle and distance readings taken at
each feature directly to the data collector. For these surveys, data storage and entry
are carried out through a series of step-by-step instructions displayed by the data
collector and the type of feature code entered for each point depends on the software
to be used to edit and plot a survey. The use of total stations and data collectors in
detail surveying and mapping is described in Chapter 10.

Because the software and menu structures installed in each data collector vary
between manufacturers, it is not always possible to use a total station and data collec-
tion system without some sort of training. However, as soon as an engineer or
surveyor has gained sufficient experience, the high degree of sophistication that can
be achieved with data collectors can be used very effectively for site surveying and
data management.

As well as performing the basic function of data storage, data collectors and
controllers have some resident programs installed to make it possible for them to
collect and process data in a variety of ways. For example, observations normally
stored as angles and distances (raw data) can be converted to three-dimensional coor-
dinates prior to transfer to a computer. Further programs can range from the editing
of recorded data into a number of different formats to the on site calculation of areas
and volumes. Coordinate and other information can also be uploaded to data collec-
tors and controllers from a computer or other source for construction surveys. In this
case, stored data is used with data measured by the total station to display setting out
information in real time.

Most data collectors use Microsoft Windows CE or Mobile operating systems to run
a variety of applications programs and they can be interfaced with total stations and
GNSS receivers. After completion of a survey or at intermediate stages, data can be
transferred from a data collector or controller to a computer or backup storage device
using a variety of data formats.
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Built with field survey in mind, data collectors and controllers are ruggedised, a
term used to describe survey equipment that is waterproof and can withstand expo-
sure to dust, vibration, dropping and a wide range of working temperatures. The
Ingress Protection (IP) rating provides a scale against which this can be measured. An
IP54 rating means that the unit (data collector or survey instrument) is protected
against dust on a % scale and water on a % scale. A high rating of IP67 means that the
unit is completely protected against dust and to immersion in water. Drop testing
provides another scale of ruggedness and is measured 1.2 m above a surface - a
typical drop from someone’s hand. Units are dropped 26 times at different heights
and at different angles onto plywood-covered concrete and pass the IP test if they are
fully functional after this.

The data collection software provided by most manufacturers for use with their
data collectors and controllers can be accessed using the alphanumeric keyboard or
full-colour touchscreens. For data transfer, they can be connected directly to a
computer, to any total station or to a GNSS receiver, and communication is provided
by RS232 serial or USB ports. Data can be taken from different instruments and the
data collector will automatically combine the different measurements into a single
dataset. In addition, data can be stored on compact flash (CF) cards and secure data
(SD) cards. Flash memory is particularly useful for portable computing because it is a
non-volatile memory that is retained even if there is a total power loss in the data
collector. A data collector or controller can also utilise Bluetooth wireless communica-
tion for transfer of data to total stations, GNSS receivers, computers and other data
collectors. Bluetooth wireless technology is used to link portable electronic devices —
such as laptops, mobile phones and handheld devices — with each other. In
surveying, Bluetooth enables cable-free connections to be made between data collec-
tors, survey equipment and mobile phones so that data can be transmitted between
different equipment and also via a mobile phone using email and the Internet.
Bluetooth technology is described in more detail in Section 7.6. Other features found
on data collectors and controllers include digital cameras, a radio modem for opera-
tion with a robotic total station, and a bar code reader.

Most data collectors and controllers are produced by each manufacturer for use
with their surveying instruments and software. However, data collectors are available
from some manufacturers that can be used for data collection with any total station
or GNSS receiver. With these it is necessary to purchase and install a software package
in them for doing this from one of several companies specialising in survey software.
These are known as third party data collection systems because they are made independ-
ently of the companies that manufacture survey instruments. An example of this
type of data collector is the Allegro CX from Juniper Systems, which is shown in
Figure 5.30.

Survey data can also be collected using Personal Digital Assistants (PDAs) such as
Leica’s DX10 (see Figure 5.31). This adapted PDA is fully waterproof and dustproof to
IP67 standards, is pocket-sized and supports mobile communications. Data storage
can be internal or through serial/USB connections or CF and SD memory cards.

Another similar device to a PDA is the Trimble Recon Controller shown in Figure
5.32. This is fully ruggedised for site use, has a Windows Mobile 6 operating system,
a full colour touchscreen, Bluetooth technology and data storage provided through
two waterproof compact flash slots.



Figure 5.31 ® Leica DX10 (courtesy Leica Figure 5.32 ® Trimble Recon Controller
Geosystems). (courtesy Trimble & KOREC Group).

Trimble also markets a device called the CU controller (CU = Control Unit) which
clips onto a total station in place of a conventional keyboard and display (see Figure
5.33). When connected, the CU controller is used to access all the functions of the
instrument, but is also a detachable data collector that can be used with other total
stations and GNSS receivers. When a survey is complete, the CU controller can be
taken to the office and data transferred to a host computer using RS232, USB and
other ports. Alternatively, the CU is Internet-capable and, with an external wireless
modem, files can be transmitted and received by the CU controller when on site.
Sharing data between CUs is also possible using built-in Bluetooth technology. The
CU controller offers Windows CE data recording with Trimble’s Survey Controller
Software, a colour touchscreen with full alphanumeric keyboard, and an interactive
graphic display for real-time data editing. The memory capacity is 1 GB of flash
memory.

The CU controller is an example of integrated or modular surveying in which data
can be shared between different equipment using a single interface, as shown in
Figure 5.34, in which a control unit is being exchanged between equipment whilst

Trimble CU controller Data transfer with detached CU
Figure 5.33 @ Trimble CU controller (courtesy Trimble & KOREC Group).
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Figure 5.34 ® Exchange of control unit from GNSS receiver to total station (courtesy
Trimble & KOREC Group).

on site. Because this is becoming more popular, survey equipment manufacturers
have now developed integrated systems so that data generated by different instru-
ments can be combined.

Field computers

These are fully functional laptop and tablet computers made suitable for outdoor use.
Compared to a dedicated data collector, they can offer a more flexible approach to
data collection and processing since they can be programmed for many forms of data
entry from any instrument to suit the individual requirements of any user.

Many IT companies produce field computers, and examples in this category of
data collector are the General Dynamics (Itronix) GoBook notebook laptops, as
shown in Figure 5.35. These are ruggedised laptop computers using Windows operat-
ing systems. They have multiple wireless communications and can be connected to
the Internet or local and wide area networks, they have Bluetooth technology, and
they have a fully integrated GPS facility. In effect, they are field computers that can

GoBook MR-1 GoBook XR-1 mounted in vehicle
Figure 5.35 ® General Dynamics (ltronix) GoBook computers (courtesy General Dynamics
Itronix).
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Figure 5.36 ® GeoField mobile mapping software running on tablet PCs (courtesy Sigma

Seven Ltd).

transmit and receive data in real time, but data can also be stored on 40 or 80 GB hard
drives. The GoBook laptops all feature Intel core processors with RAM of up to 4 GB.
When used in surveying, GoBooks are third party computers and have to be installed
with specialist land survey software and appropriate interfaces before they can be
used for data collection and processing.

Other devices used in surveying for data collection are tablet PCs, shown in Figure
5.36. These have similar features and specifications to the GoBook computers and are
third party devices that have Windows operating systems, various options for data
storage and built-in communications for real-time data collection and transmission.

Internal memories and memory cards

The method of storing and processing information using data collectors and field
computers is thought by some surveyors and engineers to be inconvenient since it
involves using an extra piece of equipment. Internal memories and memory cards
overcome this problem and offer an alternative approach to data processing and
storage.

Internal memories are perhaps the most convenient method for storing survey data
and nearly all total stations have an on board storage capacity of up to about 20,000~
30,000 coded survey points, but this can increase to over 100,000 points in some of the
more expensive instruments. For data transfer, the total station can be connected di-
rectly to a computer using a cable and communications port, as shown in Figure 5.37.

Alternatively, data can be stored on CF or SD memory cards, which are plugged into
the total station or data collector as shown in Figure 5.38. Data is then exchanged
through a PC card drive on a computer (rather like a small DVD or floppy disk drive)
or separate PC card reader connected to the computer as in Figure 5.39. Another
method of storing and transferring data is to use a USB stick as shown in Figure 5.40.
For all of these methods, the process of recording and storing data can be reversed
and setting out and other data can also be uploaded to the total station.

All memory cards (including flash cards) should conform to PCMCIA (Personal
Computer Memory Card International Association) standards.
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(@ (b)
Figure 5.37 ® Data transfer from total station to computer (a) with R$232 port (b) using
USB connection (courtesy Pentax Industrial Instruments Co Ltd and Topcon).

Figure 5.38 ® Memory cards in total station and data collector (courtesy Pentax Industrial
Instruments Co Ltd and Topcon).

Figure 5.39 @ Data transfer for memory cards (courtesy Trimble & KOREC Group).
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Leica TPS1200 Pentax W-800
Figure 5.41 @ Leica TPS1200 and Pentax W-800 Series total stations with large graphics
screens (courtesy Leica Geosystems and Pentax Industrial Instruments Co Ltd).

Total stations such as Leica’s TPS1200 and Pentax’s W-800 Series have large colour
graphics screens (see Figure 5.41) and Windows operating systems as well as sophisti-
cated software on board. With displays like these, it is much easier to check and edit
measured data on site before storage.

Reflective summary W@E
S
With reference to electronic data recording and processing, remember:

— Electronic data storage is a much better method for recording survey data
because mistakes in reading and recording by hand are eliminated.

— As the amount of data generated by electronic survey equipment is increasing,
the capacity of data storage systems is also increasing and these, like total
stations, are developing and changing rapidly.

Total stations
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— The trends in data storage and transfer are towards internal memories, memory
cards, wireless communication, better presentation of data on site for edit, view
and review plus better integration of data between total stations, GNSS receivers
and scanning technologies.

— Although total station data collectors have large graphics screens onto which
data can be plotted and edited, it is always a good idea to supplement any survey
with field sketches and notes.

5.5 Sources of error for total stations

After studying this section you should be aware of the sources of error that can occur
when using a total station. You should also know that a total station should be cali-
brated regularly and that proper field procedures must be implemented to eliminate
or reduce the effect of these errors. In addition, you should be aware of some of the
common causes of error when setting up and using total stations and how good prac-
tice and handling can help prevent these.

This section includes the following topics:

® Errors in the equipment
® Atmospheric effects

® Using the total station properly to avoid errors and other problems
Errors in the equipment

Calibration of total stations

To maintain the high level of accuracy offered by total stations, there is now much
more emphasis on monitoring instrumental errors, and, with this in mind, some
construction projects require total stations and other survey equipment to be
checked regularly according to procedures given in quality manuals. Some instru-
mental errors are eliminated by observing on two faces of the total station and aver-
aging, but because one face measurements are the preferred method on site, it is
important to determine the magnitude of instrumental errors and correct for them.
For total stations, instrumental errors are measured and corrected using electronic
calibration procedures that are carried out at any time and can be applied to the in-
strument on site. These are preferred to the mechanical adjustments that used to be
done in laboratories by trained technicians. Because this is carried out on site by the
user rather than in the laboratory, each calibration process must be completed care-
fully, following the manufacturer’s instructions, because any single face measure-
ments taken after this will be affected by the accuracy of the various calibration
parameters determined.

When a total station is manufactured or serviced, a full calibration is carried out
and a certificate should be issued to confirm this has been done in accordance with



an appropriate standard, such as that required by ISO9001 or ISO 17123. At this time,
all instrumental errors are set to zero.

Since calibration parameters can change because of mechanical shock,
temperature changes and rough handling of what is a high-precision instrument, an
electronic calibration should be carried out on a total station as follows:

® Before using the instrument for the first time
® After long storage periods

® After rough or long transportation

® After long periods of work

® Following big changes of temperature

® Regularly for precision surveys

Before each calibration, it is essential to allow the total station enough time to reach the
ambient temperature, that it is set up on solid ground and that it is not in direct sunshine.
As soon as electronic calibration values have been determined, the instrument’s software
will automatically apply the corrections obtained to all measurements until another
calibration is carried out. For quality assurance purposes, some total stations will record
calibration parameters in a protocol file before and after each instrument calibration
together with the date, time and the units set on the instrument.

Figures 3.5 and 3.24 show the arrangements of the axes of a theodolite when it is in
perfect axial adjustment — these are the same for a total station. This arrangement is
seldom achieved in practice and gives rise to instrumental errors in total stations
which are the same as those for a theodolite, some of which have already been de-
scribed in Section 3.6 Sources of error when measuring and setting out angles. The degree
to which a total station can be calibrated depends on the make and model, but the
most sophisticated can measure and correct for horizontal and vertical collimation,
tilting axis error, compensator index error and ATR calibration, as described in the
following sections.

Horizontal collimation (or line-of-sight error)

This axial error is caused when the line of sight is not perpendicular to the tilting
axis. It affects all horizontal circle readings and increases with steep sightings, but is
eliminated by observing on two faces. For single face measurements, an on-board
calibration function in the total station is used to determine c (see Figure 5.42), the
deviation between the actual line of sight and a line perpendicular to the tilting
axis. A correction is then applied automatically for this to all horizontal circle read-
ings. If c exceeds a specified limit, the total station should be returned to the manu-
facturer for adjustment.

Tilting axis error

This axial error occurs when the tilting axis of the total station is not perpendicular to
its vertical axis. This has no effect on sightings taken when the telescope is horizon-
tal, but introduces errors into horizontal circle readings when the telescope is tilted,
especially for steep sightings. As with the horizontal collimation error, this error is
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{ Vertical axis

Figure 5.42 ® Horizontal collimation error ~ Figure 5.43 @ Tilting axis error (courtesy
(courtesy Leica Geosystems). Leica Geosystems).

eliminated by two face measurements, or for single face measurements the tilting
axis error a (see Figure 5.43) is measured in a calibration procedure and a correction
applied for this to all horizontal circle readings. As before, if a is too big, the instru-
ment should be returned to the manufacturer for adjustment.

Compensator index error

As explained in Section 3.6, any errors caused by not levelling a theodolite or total
station carefully (sometimes called the vertical axis error) cannot be eliminated by
observing on two faces. If the instrument is fitted with a compensator and this is
switched on, it will measure any residual tilts of the instrument and will apply correc-
tions to horizontal and vertical angles for these. However, all compensators have a
longitudinal error /in the direction of the line of sight of the total station and a trans-
verse error t perpendicular to this (see Figure 5.44). These are known as zero point
errors and although they are eliminated when averaging face left and face right read-
ings, for single face readings values for / and ¢ must be determined using the on-board
calibration function so that measured angles can be corrected.

Vertical axis
!

Figure 5.44 ® Compensator index error (courtesy Leica Geosystems).
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Figure 5.45 @ Vertical index error (cour- Figure 5.46 ® ATR calibration errors (cour-
tesy Leica Geosystems). tesy Leica Geosystems).

Vertical collimation (or vertical index error)

A vertical index error exists in a total station if the 0°~180° line of the vertical circle
does not coincide with the vertical axis. This zero point error is present in all vertical
circle readings, and like the horizontal collimation error, it is eliminated by taking
two face readings or for single face readings by determining i, the index error shown
in Figure 5.45, in another calibration procedure. In this case, corrections for i are
applied directly to vertical angles.

ATR collimation error

An ATR collimation error is caused in robotic total stations when there is an angular
divergence between the line of sight and the ATR camera axis. In other words, the
centre of the ATR sensor beam defines a different position from the centre of the cross
hairs. To determine this error, the centre of a prism is sighted accurately and the hori-
zontal and vertical circle readings to it are noted. The ATR system is switched on and
the position this gives is compared with the manual pointing at the centre of the
prism. If these are different, the total station has an ATR collimation error with hori-
zontal (Hz) and vertical (V) components as shown in Figure 5.46 — these are deter-
mined in an ATR calibration routine. It is essential that these corrections are
measured regularly and applied to surveys where a mixture of ATR readings and those
taken manually to prisms have been taken. Because of atmospheric shimmer, the
image of the centre of the prism will move a small amount during calibration and the
ATR camera will change its computed position to account for this. These effects are
filtered out by taking several sets of readings during a calibration until the total
station indicates an accepted set of corrections have been computed.

Collimation of laser pointer

Although distances measured in reflectorless mode by a total station can be advanta-
geous on site, problems can occur with target location. These are overcome in some
total stations by using a visible red laser pointer — this is sometimes combined with
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U

Figure 5.47 ® Target plate for calibration of laser pointer (courtesy Leica Geosystems).

the measuring beam. For these instruments, the laser pointer or beam must be
collimated with the line of sight, otherwise less accurate measurements might be
taken because the laser beam will not be reflected from the same point at which the
cross hairs are pointing. To carry out a check on the collimation of the laser and line
of sight a special target plate can be used (see Figure 5.47). Using the telescope cross
hairs, the total station is aligned with the centre of the target plate and the laser
pointer is switched on. If the red laser spot illuminates the cross at the centre of the
target plate, the instrument is in adjustment. If not, a mechanical adjustment is
carried out on site to align the laser spot onto the cross. If no target plate is available,
any well-defined target can be used for the check and adjustment.

Instrumental distance errors

The performance of the distance-measuring components of total stations, like their
angular components, can also be affected by constant use on site and with age.
Consequently, these should also be tested regularly and calibrated. As for axial and
zero point errors discussed in the previous sections, distance calibrations may also be
a contractual requirement for some site work if quality assurance has to be guaran-
teed.

Zero error (or index error) occurs if there are differences in the mechanical, electrical
and optical centres of the total station and reflectors, and includes the prism
constant. It is of constant magnitude and is not dependent on the length of line
measured. A check should be carried out periodically and the simplest method for
doing this involves taking distance measurements along a three-point baseline, as
shown in Figure 5.48. All three distances are measured with the total station and /1,
I3 and I13 are obtained. If each measured distance has the same zero error z:

dlzllz-l—Z dZ =lz3+Z (dl+d2)=ll3+l

where d is the correct distance from 1 to 2 and dj is the correct distance from 2 to 3.
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Figure 5.48 @ Checking the zero error for a total station.

Since the measurement of (dq + dp) should equal the sum of the two separate
components d; and d, it follows that

hs+z=(hp +2)+ (23 +2)
or

z=h3—(hp +133)

This is sometimes called the three peg test and it should be repeated several times and
an average value computed for z. The advantage of this method for checking the zero
error is that it is based on unknown baseline lengths and the three points are usually
only put in place for the test. The value of a zero error obtained from this procedure
applies to a total station combined with reflector and can be used when the prism
constant is not known to correct for this. However, if the reflector is changed, the
zero constant changes and a new test is required.

A scale error (or frequency drift) is caused by variations in the frequency of the oscilla-
tor in a phase measurement or timed-pulse distance measuring system. The error is
proportional to the distance being measured and determination of scale error is best
carried out by taking a series of distance measurements along a baseline of known
lengths.

Cyclic error (or instrument non-linearity) is caused by unwanted interference (called
cross-talk) between signals generated and processed inside the total station. It can be
investigated by measuring known distances along a multi-point baseline spread over
multiples of the measuring wavelength of the instrument. If a calibration curve of
(observed — measured) distances is plotted against distance and a periodic wave is ob-
tained, the total station has a cyclic error.

In Section 5.2, the accuracy of distance measurement for a total station was speci-
fied as + (a mm + b ppm). The constant a is a function of zero and cyclic errors and b is
a function of scale error.

For most construction projects, establishing a complicated multi-point baseline for
calibration purposes is impractical and all that might be used for periodically
checking the distances displayed by total stations (and for standardising tapes) is a
simple two-point baseline. A comparison is made of the distance measured by the
instrument with the baseline value - if an unacceptable difference is found between
these, the instrument must be returned to the manufacturer for servicing and calibra-
tion. The zero error might also be determined on site, but it is very unlikely that any
attempt will be made to determine scale or cyclic errors as these are small and can
usually be ignored for the short distances measured on site. However, for precise
work, more care is required when calibrating the distance function. Under these
circumstances, a total station can be returned to the manufacturer where a commer-
cial calibration service is available. Most manufacturers have a short baseline (typi-
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cally 20 m) with accurately known intermediate points for calibration purposes and
they can also recalibrate the oscillator using a frequency standard.

To be of real value, however, a calibration should be related to a national standard.
At present, the only accredited source for this in the UK is the National Physical Labo-
ratory (http://www.npl.co.uk/). For further details of the calibration of total stations,
the RICS have published a Geomatics Guidance Note entitled EDM calibration. It is
also possible to assess the accuracy of distance measurement with a total station by
following the test procedures given in BS 7334 and ISO 17123. Further reading and
sources of information at the end of the chapter gives details of the RICS note, BS 7334
and ISO 17123.

Aucxiliary equipment

The plummet of a total station is checked and adjusted using the procedures given for
this in Section 3.6; guidelines for the care of tripods and tribrachs are also given in that
section. Detail poles should be inspected regularly and their circular bubbles adjusted to
ensure that they are held vertically when centred over points that are to be measured. A
cracked or chipped prism should never be used for distance measurement.

Atmospheric effects

All electromagnetic waves and pulses, when travelling in a vacuum, travel at the so-
called speed of light, a universal constant. However, when travelling in the atmo-
sphere, their speed v is reduced from the free-space value ¢ owing to the retarding
action of the atmosphere. Consequently, v will be a variable depending on atmo-
spheric conditions, and for phase measurement systems the modulation wavelength
will vary for all measurements since A,, = v/f. The significance of this is that the
measuring unit A, is not constant and the distance recorded by an instrument will
include a systematic error. The same effect occurs in timed-pulse systems where the
speed of the pulses is affected. This is analogous to steel taping, where variations in
temperature cause the tape to contract and expand from some reference value.

To avoid any errors caused by atmospheric effects, the prevailing temperature and
pressure are keyed into the total station which then automatically corrects all mea-
sured distances. With some instruments, an atmospheric correction in ppm is ob-
tained corresponding to the temperature and pressure by using a chart supplied with
the total station — when the correction has been determined it is keyed into the total
station instead of the temperature and pressure. If the temperature and pressure used
for applying atmospheric corrections are wrong by 10 °C or 25 mmHg, the distance
will be incorrect by 10 ppm or 1 mm per 100 m.

As far as the accuracy of distance measurements is concerned, atmospheric effects
are a factor in the constant b in the specifications for a total station and these are de-
pendent on the length of line being measured. Because relatively short distances are
measured most of the time on site, errors due to variations in the atmospheric condi-
tions normally encountered are small and instrumental and centring errors are much
more important. Atmospheric effects are important, however, in extreme weather and they
are always critical on long lines.



Using the total station properly to avoid errors and other problems

The discussion of errors given in Section 3.6 for theodolites is also relevant here, but
some additional material for total stations is given.

Levelling and centring

The usual requirement at the start of any work with a total station is to level and cen-
tre it over a point - this applies to tripod-mounted reflectors as well. The procedure
for levelling a total station is the same as for a theodolite and is achieved by adjusting
the three footscrews and observing a plate or electronic level on the instrument’s dis-
play. Most total stations allow the user to view the amount by which the instrument
is off level at any time, as shown in Figure 5.49, and all will issue a warning and stop
working when the instrument is not levelled within specified limits.

Once levelled, centring of the total station is carried out using either an optical or
laser plummet.

The ability to level and centre total stations and tripod-mounted reflectors is taken
for granted on site and everyone is expected to be able to do this quickly and effi-
ciently. However, levelling and centring are important and care must be taken to
ensure they are done properly, no matter how long it takes to achieve this. If a total
station or reflector is set up for a long time at the same point, it is necessary to check
the levelling and centring at frequent intervals — this is especially important if they
have been set up on soft ground or work is being carried out in hot sunshine.

Prism constant

When measuring a distance to a prism, great care must be taken to ensure that the
correct prism constant is entered into the total station otherwise all measurements
will be subject to a systematic error. Not all prism constants are the same, and these
vary from prism to prism and between different manufacturers. It may also be neces-
sary to enter a constant even when measuring to plastic reflectors and in reflectorless mode.
As already noted, a zero error can be checked for a total station which can be applied
to measurements to correct for the prism constant.

Angle and distance measurements

As with any optical instrument, parallax must be removed before taking readings
through the telescope — this also applies to the most sophisticated total stations.

Elect. Level (V| Elect. Level v |
Tilt L : -0°03'40" Tilt L : -0°00'10"
Tilt T : -0°18'30" Tilt T : -0°00'20" /f_s

N
N N

ConT | | | __JL.P1+] |

L.Plumet: 50%Vv X L.Plumet : 50%VY X

COnNT | | | __JL.P1+] |

Instrument not level Instrument level

Figure 5.49 e Tilt errors displayed by total station (courtesy Leica Geosystems).

Total stations

169



170

Surveying for engineers

If angles are to be measured, the procedures given in Section 3.5 for a theodolite
are recommended, but there may be alternative procedures programmed into the
total station or its data collector for doing this. Whatever method is used, it must
account for any instrumental errors present in the total station.

As with angles, the procedures used for measuring distances will vary from instru-
ment-to-instrument and it is necessary to follow the instructions for this given by
each manufacturer. Important distances should be checked by measuring them in
both directions with the instrument and the reflector interchanged.

Reflectorless measurements

Care is needed with reflectorless measurements to check that the laser beam is not
reflected by any surfaces close to the line of sight instead of the intended target, as the
instrument might record the wrong distance without the operator’s knowledge.
Sometimes, sightings are taken under difficult measuring conditions involving acute
angles of incidence to poorly reflecting targets — it may not be possible to obtain suffi-
cient return signal for measurement in these circumstances, and the accuracy in
distance measurement might also degrade significantly. When a reflectorless
distance measurement is triggered, the total station will measure a distance to the
object which is in the beam path at that moment - if something is obstructing the
measurement path, an incorrect distance will be recorded, again without the opera-
tor’s knowledge. This may happen on site when someone moves across the beam or
when plant and machinery temporarily interrupt the beam. A false reading can also
occur in heavy rain or fog. It is always advisable to check important work in advance
where possible to see whether reflectorless measurements can be taken before these
are used on complicated setting out routines.

Temperature effects

It is essential that a total station is allowed to acclimatise to environmental condi-
tions before taking any measurements with it. Although temperature differences can
result in changes to any of the characteristics of the instrument, the compensator is
most affected and the time suggested for temperature adjustment is 2 minutes per
1°C.

Transporting and storing a total station

Having finished observations, if the total station is to be used at another point it
should be taken off the tripod, put back in its case and carried separately before it is
moved, as shown in Figure 5.50. As with a theodolite, a total station should never be
carried or moved fixed to the tripod, as this could damage it in some way.

Upon completion of work, the total station should always be put in its case, again
to protect it against any accidental damage. If, however, the instrument has been
used outside in rain or in damp and humid conditions, it must not be left in a closed
case for any length of time as this could permanently damage the instrument. If the
total station is wet, it must be dried and then placed in its case, which should be left
open for an extended period (for example, overnight). If the case itself gets wet, this
must also be left open until dried.



Figure 5.50 ® Correct way to transport total station (courtesy Pentax Industrial Instru-
ments Co Ltd).

One final note regarding storing and transporting equipment — it should not be left
inside a vehicle in summer in direct sunlight as it might be damaged by exceeding its
operating temperature.

Data recording and transfer

When data for a survey is recorded by hand, great care has to taken not to misread
any angles and distances displayed by the total station and not to write these incor-
rectly in a field book. These problems do not occur with electronic data collection,
but because many software packages can be used, it is advisable to be completely
familiar with the instrument and data collection system before going on site with it —
this avoids wasting time and making mistakes.

Once recorded, electronic data is very vulnerable, and data held in a total station,
data collector or card should be transferred to another source at frequent intervals —
at least once a day. Never erase the original data from any source until a backup copy
has been created and read successfully.

Batteries

Total stations and other electronic survey equipment can operate with one of three
different types of battery: nickel cadmium (NiCd), nickel metal hydride (NiMH) and lith-
ium-ion (Li-Ion). NiCd batteries are low maintenance and have been used for many
years in surveying equipment but are being replaced by the NiMH and Li-Ion types.
Compared to the NiCd battery, NiMH batteries do not work as well at low tempera-
tures and the Li-lon battery has a much shorter life, typically three years. However,
they are both lighter and smaller than the NiCd battery and they can be recycled at
the end of their life, unlike the NiCd battery which contains hazardous waste and has
to be disposed of according to environmental regulations.

Both the NiCd and NiMH batteries, but particularly the NiCd battery, are subject to
the memory effect, in which a portion of the battery’s capacity becomes difficult to use
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if the same charging and discharging conditions are continually applied to them, and
this can seriously affect their working capacity and operating time in the long term.
Whenever the memory effect occurs, a battery can be refreshed by fully charging and
discharging it several times. Compared to the NiCd and NiMh batteries, Li-lon batter-
ies are not influenced by the memory effect and can be charged at any time by any
amount without reducing their capacity.

When batteries are charged, the charging temperature has a significant effect on
them, as charging at high temperatures can cause an irreversible loss of capacity. For
optimal charging, all batteries should be charged in an ambient temperature of 10—
20 °C. If a total station is used at low operating temperatures, the operating time of
the battery can be significantly reduced and continuous working in high tempera-
tures can shorten the life of a battery. This suggests that more batteries are needed
when carrying out surveys in extreme climates.

Sometimes it is necessary to store batteries for extended periods. NiCd batteries can
be stored in any charged state for unlimited periods, but NiMH batteries must be
stored fully charged and must be recharged every six months whilst in storage. If they
are stored in the discharged state for an extended period, irreversible damage is
caused to them. Li-Ion batteries start to deteriorate from the time of manufacture,
and to reduce the ageing effect they should be stored in a cool place with a 10-50%
charge applied to them.

It is good practice, no matter what assurance a manufacturer may give about the
capacity of a battery, to have fully charged spares available at all times with the in-
strument.

Reflective summary W@E

S
With reference to sources of error for total stations, remember:

— There are many different types of error that can occur, but these can be mini-
mised by regular maintenance and proper handling and use of the total station.
Always follow recommended procedures when measuring — avoid taking short
cuts.

— An electronic calibration of the total station should be carried out regularly — be
careful to follow the manufacturer’s instructions for doing this.

— Calibration of the total station on a baseline should also be carried out frequently.
If the instrument is not reading accurately it must be returned to the manufac-
turer for servicing.

— Like the electronic theodolite, using a total station in adverse weather can be difficult
and this should be avoided where possible. If work must proceed, care must be taken
to apply atmospheric corrections correctly, to ensure that the instrument is given
enough time to adapt to any changes of temperature and that its tripod or other plat-
form is securely fixed.
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— If the best accuracy is required from a total station, even from a high-precision
instrument, the following measures should be taken:

Use a sunshade to protect the instrument and tripod

Let the instrument reach the ambient temperature (allow 2 minutes per °C)
Calibrate the instrument regularly

Measure on face left (I) and face right (II)

Measure the temperature and pressure and apply atmospheric corrections

[ ]
[ ]
[ ]
[ ]
[ ]
e Carry out measurements in the morning or under an overcast sky

5.6 Measuring heights (reduced levels) with total stations

After studying this section you should understand how a total station computes
heights from raw data and you should be able to carry out the calculation of heights
using trigonometrical methods. You should also be aware of the accuracy of total sta-
tion heights and why these are not as good as those obtained by levelling.

Trigonometrical heighting

The raw data measured by a total station is horizontal angle, zenith (or vertical) angle
and slope distance all of which are usually converted into the three dimensional co-
ordinates of the position of the reflector. This section gives details of how the height
of the point sighted is obtained — the procedures for obtaining the horizontal posi-
tion are given in Chapter 6 which covers traversing and coordinate calculations.

Trigonometrical heighting over short distances

To illustrate how a total station is used to determine heights over short distances,
consider Figure 5.51, which shows two points A and B. A total station is levelled and
centred at A and a reflector is set up at B. The slope distance L and zenith angle z (or

Horiz

Ha
Figure 5.51 ® Measurement of height with total station.
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vertical angle ) between A and B are measured together with the height ki of the to-
tal station above A (height of instrument) and the height hr of the reflector above B
(height of reflector). If the height of A is known (H,), the height of B (Hp) is given by

HB=HA+hi+VAB—hT (5.1)
The vertical component Vg is obtained from
Vap=Lcosz=Lsin o

and this will be positive if the telescope is tilted above the horizontal through the to-
tal station (z less than 90° or positive vertical angle as shown in Figure 5.51) and will
be negative if it is below the horizontal (z greater than 90° or negative vertical angle).

This is known as trigonometrical heighting and is the basis for all height measure-
ment with a total station. It gives heights of sufficient accuracy for most detail sur-
veys and for some setting out up to a distance of about a hundred metres. It is also
used in other application programs by a total station when heights are required for
three-dimensional traverses, when performing a resection with elevations and for
remote height measurements.

For all trigonometrical heighting, it is important that the reflector is sighted accu-
rately and that zenith (or vertical) angles are measured carefully, especially for tra-
verses, resections and other control surveys. It is also important that the correct
instrument and reflector heights are measured and entered into the instrument.
When taking readings to a detail pole, the pole is often extended so that it is the same
length as the height of the instrument - this simplifies any manual calculations of
height since hi will equal hr to give Hg = Hp + Vp. However, there is a tendency for
telescopic detail poles to shorten during a long set up and their lengths should be
checked frequently. When a lot of points are to be measured from a single instrument
position, it is better to use a pole fully extended or, better still, to use a fixed length
pole — these are available in various lengths.

As well as being able to measure ground heights at a reflector, a total station can
also be used in reflectorless mode to determine the heights of any point targeted, in-
cluding inaccessible ones where it is not possible to locate a prism. In this case, there
is no height of reflector to measure and Hp = Hp + hi + Vp.

Most total stations also have a remote elevation program for measuring height
differences. To use this, the total station is set up anywhere convenient and a detail
pole is held at the point where height information is required. With the reflector
height entered into the instrument, the slope distance is measured. The remote ele-
vation program will now calculate and then display the height difference from
ground level to any point along the vertical through the detail pole as the telescope
is tilted — there is no need to sight a prism or target to do this. Using remote eleva-
tion, the underside of the bridge B in Figure 5.52 could be sighted directly above the
prism and its height h above ground level recorded. This facility is often used for
measuring clearances between the ground and overhead objects such as bridges and
overhead cables.

Trigonometrical heighting over long distances

If the height difference between points some distance apart is to be determined, al-
though levelling will give the best result, it can be a very time-consuming process, es-
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Figure 5.52 ® Remote elevation measurement (courtesy Leica Geosystems).

pecially in hilly terrain. Under these circumstances, GNSS might be used to obtain
any unknown heights, but if this is not available a total station can be used. When
trigonometrical heighting is carried out over long distances, Earth curvature and at-
mospheric refraction have to be accounted for. Figure 5.53 is similar to Figure 5.51

Vertical
through B
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Figure 5.53 ® Measuring heights over long distances with a total station.

175



176

Surveying for engineers

but shows the measurement of the height difference between two points A and B
with curvature and refraction introduced. Working upwards along the vertical
through B from the datum, the height of B is given by

Hy=Hp+hi+c+ Vag—-r-hr
or
Hp=Hp+hi+ Vag—hr+(c—7) (5.2)

As can be seen, the only difference between this and the calculation of height for
short sighting distances (equation (5.1)) is the combined correction for curvature and
refraction (c-r). In deriving equation (5.2), it has been assumed that the two verticals
are parallel and that the horizontal surface through the total station at A is perpendic-
ular to the vertical through B. For very long lines this would not be true, but for the
distances measured during most engineering and site surveys, any errors arising from
this can be ignored.

A value for the combined correction for curvature and refraction (¢ — r) can be ob-
tained as follows.

The curvature correction c is given by

D2
c=—"—
2R

where D is the horizontal distance between A and B and R is the radius of the Earth,
which is approximately 6375 km.

The effect of refraction in the atmosphere is derived from a parameter known as
the coefficient of refraction k, where

B radius of the Earth
radius of the refracted line of sight

Using this, the refraction correction r is given by

2
r=k—D
2R

and the combined correction (¢ —r) is

D? D2 D2
)= k= =(1-k)=— 5.3
(=) 2R 2R ( )ZR (5-3)

When calculating combined corrections for curvature and refraction using equa-
tion (5.3), a value for the coefficient of refraction k is required. A value for k of 0.15 is
often used for correcting measured height differences. However, the value of k is de-
pendent on atmospheric conditions and it can sometimes vary considerably from a
value of 0.15, especially at dawn or dusk ,when it is O, and in an unpredictable man-
ner close to the ground at tripod height, when values of -3 to +3 are possible. Consid-
erable errors can occur if these variations in k are not accounted for in field
procedures when measuring height differences over long distances with a total
station.



To overcome the problem of not knowing what k is during a measurement, special
field procedures are used for trigonometrical heighting.

® In single-ended trigonometrical heighting (see Figures 5.51 and 5.53) a total station is
set up at A and measurements are taken from A to the reflector at B. This would be
the normal method for the measurement of heights with a total station and is
routinely used up to distances of about 100 m, where the effects of curvature and
refraction are usually small and are ignored. However, when sightings are taken
over longer distances, curvature and refraction corrections should be computed
using an accurate value for k, which can be very difficult to determine.

® In reciprocal trigonometrical heighting, the total station takes measurements from A
to B and then it is taken to B, where a second set of measurements are taken from B
to A. If these two measurements are averaged, the effects of curvature and
refraction will cancel out provided the value of k is the same for each
measurement. Therefore, in reciprocal measurements, the height difference
between A and B is obtained by computing them as two single-ended
measurements and then taking the mean value. The two sets of measurements
should be taken as quickly as possible to reduce the effects of any change that may
occur in the value of k in between them.

® In simultaneous reciprocal trigonometrical heighting, measurements are taken at each
end of a line with two instruments at exactly the same time in order to remove the
effects of curvature and refraction.

For all methods of trigonometrical heighting, it has already been noted that the
accurate measurement of zenith (or vertical) angles is critical. In fact, under normal
atmospheric conditions, angular errors are the most serious source of error in
measured height differences — see Section 9.3 for an analysis of this.

Since measurements are carried out along the line of sight when using an inte-
grated total station, the telescope is tilted and pointed at the centre of the reflector
when measuring — great care must be taken to do this accurately. The distance over
which reciprocal and simultaneous reciprocal measurements can be carried out may
be several hundreds of metres, but both methods are limited by how well the reflector
can be sighted — this becomes more difficult at long ranges. To overcome these prob-
lems and maintain precision, zenith (and vertical) angles should be measured on
both faces and several sets of these taken and averaged. The accuracy of sightings can
also be improved using prism sets fitted with target plates (see Figure 5.12).

Another way to extend the range of a total station in trigonometrical heighting is
to use it in a similar manner to a level. To do this, it is set up half way between two
points A and B where the height difference is required and single-ended
measurements are taken to each point in the normal way.

For the sighting taken to A For the sighting taken to B

equation (5.2) gives equation (5.2) gives

Hp=Hj+hi+ Vp+ (c—1)p—hra Hp=Hj+hi+ Vg+ (c—r)p—hrp
where

Hp and Hp are the heights of A and B
Hj is the height of the point at which the total station is set up

Total stations
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hi is the height of the instrument at the set up

Va and Vy are the vertical components to A and B

(c =1 and (c - r)p are the curvature and refraction corrections to A and B
hrp and hry are the reflector heights at A and B

The difference between these gives
(Ha - Hg) = (VA - Vp) = (hrp — hrp)

Because Hj has been eliminated, it is not necessary to know the height of the point
at which the total station has been set up — this means that it can set up in any posi-
tion. It is also not necessary to measure the height hi of the instrument. The effects of
curvature and refraction will also cancel out provided the two sighting distances are
approximately equal.

This technique has the advantage of extending the range of a total station for trigo-
nometrical heighting but has the disadvantage that two zenith angles have to be
measured.

Worked example 5.1: Reciprocal trigonometrical heighting

Question
The height difference between two points A and B is measured with a total station
and the following results are obtained.

With the total station at A With the total station at B

Slope distance = 508.118 m Slope distance = 508.125 m

Zenith angle = 88°19'44" Zenith angle = 91°41'45"

Height of instrument at A=1.617 m  Height of instrument at B=1.652 m
Height of reflector at B=1.515m Height of reflector at A=1.572 m

If the height of point A is 57.225 m, calculate the height of point B.

Solution
The height of B is obtained by calculating two single-ended observations ignoring
the curvature and refraction correction.

With the total station at A, equation (5.1) gives

HB = HA +hiA +VAB —hrB
=57.225+1.617 + 508.118 cos88°19'44"-1.515
=72.145m

With the total station at B, equation (5.1) gives
HA = HB +hiB +VBA —hrA
57.225 = Hg +1.652 + 508.125c0591°4145"-1.572

and

Hg=72.182m



Note that two different results have been obtained because the effects of curvature

and refraction have been ignored. The height of B is given by the mean value as

H, - 72.145;72.182 o l64 m
N
Reflective summary w%r
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With reference to measuring heights (reduced levels) with total stations, remember:

— Total stations do not measure heights directly and use a slope distance and zenith

(vertical) angle to compute these.

— The advantage of measuring heights with a total station is that sightings can be

taken over longer distances than are possible with levelling. However, although
the accuracy of heights from total stations is satisfactory for most survey work on
site, for best results levelling should always be used.

If height differences are to be measured over long distances, the effects of curva-
ture and refraction must be accounted for either by correction or by field proce-
dures.

— When taking readings for height differences over long distances, great care must

be taken with each sighting because the worst source of error occurs when
measuring the zenith (vertical) angle.

Exercises

5.1

5.2
5.3
5.4

5.5

5.6

5.7
5.8

Explain the difference between the phase measurement and timed-pulse
methods for measuring distances.

What is an integrated total station and what is integrated surveying?
Explain what a third party data collection system is.

Draw diagrams to show the instrumental errors that can be measured by a
total station in an electronic calibration.

What are the best applications for handheld laser distance meters on
construction sites?

What are the differences between precise, rapid and tracking distance
measurement modes?

Explain how ATR enables a robotic total station to lock onto a prism.

What are the advantages and disadvantages of reflectorless distance
measurements?

Total stations
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5.9

5.10
5.11

5.12

5.13

5.14

5.15

5.16

5.17
5.18

5.19

5.20

5.21

Describe the methods by which data can be transferred from a total station
to a computer.

What are zero, scale and cyclic errors?

How do variations in atmospheric conditions affect distance measurements
taken with a total station?

Explain how a total station measures height differences. What are the
problems with these measurements when they are taken over long
distances?

Discuss the precautions that should be taken on site when using a total
station that has a Class 3R laser.

Discuss the advantages and disadvantages of data collectors and internal
memory for data storage with total stations.

Explain what a prism constant is and why a value for this must be entered
into a total station when measuring distances.

List the field procedures that should be taken to ensure that the best
possible accuracy is obtained from a total station for both angle and
distance measurements.

What is the memory effect in batteries and how can it be removed?

The distance specification for a total station is quoted as + (3 mm + 3 ppm).
According to this, what is the accuracy in distance measurement for this
instrument at 50 m and 2 km?

The following measurements were taken to check the zero error of a total
station: (all points are on the same line) AB = 13.100 m, BC = 25.017 m and
AC = 38.162 m. Calculate a value for the zero error.

Assuming the coefficient of atmospheric refraction to be 0.20, calculate
values for the combined curvature and refraction correction at 100 m
intervals for distances up to 500 m. Use a value for the radius of the Earth of
6370 km.

The height difference between two points A and B is measured with a total
station and the following results are obtained.

With the total station at A With the total station at B

Slope distance = 256.347 m Slope distance = 256.352 m

Zenith angle = 92°25'51" Zenith angle = 87°37'42"

Height of instrument at A = 1.550 m Height of instrument at B = 1.625 m
Height of reflector at B = 1.405S m Height of reflector at A =1.530 m

If the height of point A is 19.072 m, calculate the height of point B.

Further reading and sources of information

For assessing the accuracy of a total station, consult

BS 7334-8: 1992 (ISO 8322-8: 1992) Measuring instruments for building construction. Methods for
determining accuracy in use of electronic distance measuring instruments up to 150 m. (British
Standards Institution [BSI], London). BSI web site http://www.bsi-global.com/.
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ISO 17123-4: 2001 Optics and optical instruments — Field procedures for testing geodetic and surveying
instruments — Part 4: Electro-optical distance meters (EDM instruments) (International
Organization for Standardization [ISO], Geneva). ISO web site http://www.iso.org/.

RICS Geomatics Guidance Note (2007) EDM calibration. RICS Business Services Ltd, Coventry.
Also available as a download on http://www.rics.org/mappp/.

For general guidance on using a total station on site refer to

ICE Design and Practice Guide (1997) The management of setting out in construction. Thomas
Telford, London.

For the latest information on the equipment available, visit the following web sites:

http://www.leica-geosystems.com/
http://www.nikon-trimble.com/
http://www.pentaxsurveying.com/
http://www.sokkia.net/
http://www.topcon.eu/
http://www.trimble.com/

The following journals include annual reviews of total stations and include frequent
articles on them: Civil Engineering Surveyor, Engineering Surveying Showcase, Geomatics
World and GIM International (see Chapter 1 for further details).
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After studying this chapter you should be able to:

® State what control surveys are and why these are an essential part of
surveying

® Discuss the advantages of defining position for most surveying projects
in the form of plane rectangular coordinates

® Carry out coordinate calculations using rectangular — polar and polar —
rectangular conversions

® Derive transformation parameters for converting coordinates from one
plane rectangular grid to another

® Explain what a traverse is and describe all of the fieldwork involved in
traversing

® Perform all of the necessary calculations that are required to obtain
traverse coordinates from measured angles and distances

® Describe how total stations are used for traversing

® Calculate the coordinates of points fixed by intersection and resection

® Discuss how networks are used in control surveys
A\

This chapter contains the following sections:

6.1 Control surveys 183
6.2 Rectangular and polar coordinates 184
6.3 Coordinate transformations 192
6.4 Planning and fieldwork required for traversing 194
6.5 Traverse calculations 205
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6.6 Traversing with total stations 225
6.7 Intersection and resection 228
6.8 Networks 237

Exercises 241

6.1 Control surveys

After studying this section you should know what control surveys are and be aware
that they can include both horizontal and vertical components. You should appreciate
that different methods are used for control surveys depending on the size of the site.

The need for survey control

All measurements taken for engineering surveys are based on a network of horizontal
and vertical reference points called control points. These networks are used on site in
the preparation of maps and plans, they are required for dimensional control (setting
out) and are essential in deformation monitoring. Because all survey work needs
control points, at the start of any engineering or construction work a control survey
must be carried out in which the positions of all the control points to be used are
established.

For the majority of engineering work, the positions of horizontal control points are
specified as plane rectangular coordinates (equivalent to X and Y coordinates used in
mathematics). This is normal practice for construction sites as survey work is greatly
simplified and fewer mistakes are made when using rectangular coordinates for
setting out and other dimensional work. One of the techniques used to determine
the positions of control points for small construction sites is traversing, which can be
extended using intersection and resection. All of these methods involve the measure-
ment of angles and distances which are used to calculate the coordinates of the
control points — all of the field procedures and calculations required for this are
described in this chapter.

Alongside horizontal control, all sites will have some form of vertical control. The
method used to provide vertical control on most small construction sites is levelling,
which is used to establish a series of benchmarks around a site. However, trigonomet-
rical heighting with a total station can also be used for this.

As the size of a site increases, a network is often observed to determine the coordi-
nates of control points. These also involve the measurement of angles and distances.
Plane surveying can still be assumed for these surveys, but when the size of the site
exceeds 10-15 km the curvature of the Earth becomes too large to be ignored and co-
ordinates based on a plane or flat grid are no longer valid. In this case, coordinates
based on a special map projection must be used. Ultimately, control surveys can be
carried out over large areas and cover whole countries. Throughout Great Britain,
Ordnance Survey National Grid coordinates and heights based on the Ordnance Da-
tum at Newlyn can be used for site work. Whatever coordinate systems are used, the
control for construction sites that cover large areas is usually surveyed using GNSS
methods.
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Reflective summary W@E

S}
With reference to control surveys, remember:

— For all engineering work, a control survey is carried out to fix the positions of
reference points required for mapping, setting out and other dimensional work.

— For most construction sites, a control survey is made up of horizontal control in
which position is defined as plane rectangular coordinates and vertical control in
which position is defined as heights. In this case, levels, theodolites, tapes and
total stations are used to provide the data from which the positions of control
points are calculated.

— On large construction and engineering projects, position must be defined taking
into account the curvature of the Earth. In this case, horizontal and vertical con-
trol are usually surveyed using GNSS methods.

6.2 Rectangular and polar coordinates

After studying this section you should know that the positions of control and
design points on site are defined in the form of plane rectangular coordinates. You
should also know what polar coordinates are and how they define position. You
should be able to calculate rectangular coordinates from bearings and distances and
vice versa.

This section includes the following topics:

® Plane rectangular coordinates
® Calculation of rectangular coordinates
® Polar coordinates

® Coordinate measurements with total stations

Plane rectangular coordinates

As noted in the previous section, the horizontal positions of control points for most
applications in engineering surveying are defined using plane rectangular coordi-
nates. Because these are used extensively for dimensional control on site, it is essen-
tial for everyone using instruments that can process and display coordinate
information to understand how these are defined and to be able to perform calcula-
tions with coordinates.

The coordinate system adopted for most survey purposes is a rectangular system
using two axes at right angles to one another called the north axis and the east axis.
The scale along both axes is always the same and, with reference to Figure 6.1, any
point P has coordinates which are known as the easting Ep and northing Np quoted in
the order Ep, Np unless otherwise stated. Any number of points can be defined on a
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Figure 6.1 ® Rectangular coordinate system.

rectangular system and the relative positions of each control point in a network are
expressed in the differences between coordinates.

For all types of survey and engineering work, the origin of a local coordinate
system is chosen so that only positive eastings and northings are used. If, at the plan-
ning stage of survey, it appears that negative eastings and northings might occur, the
origin should be moved such that all coordinates will be positive. Changing the
origin of a survey after construction work has commenced is not recommended as
this could cause mistakes to occur when changing from one coordinate system to
another. Extreme caution must be exercised when working with negative coordi-
nates if they should occur.

The north axis of a rectangular coordinate system has to be orientated to a speci-
fied direction — a number of options for defining a north direction are available as
follows.

The definition of true north and how this is established on site using GNSS methods
are given in Chapter 8. For construction work where it is not possible to use GNSS
(such as tunnelling), a gyrotheodolite (see Section 3.3 and Figure 3.12) is used instead
to define true north. The accurate determination of true north by either GNSS or
gyrotheodolite is only carried out for special construction projects and true north is
not normally used for the majority of engineering surveys. If required for informa-
tion purposes, an approximate value can be obtained by scaling from an Ordnance
Survey or similar map of the area.

Magnetic north is determined by a freely suspended magnetic needle and when
required for survey work, is best measured using a prismatic compass. When taking
compass bearings, it is advisable to be aware of any metallic objects close to the
compass that might cause incorrect readings to be obtained. Another source of error
is magnetic declination, which is the difference between true north and magnetic
north. This is a function of time and is mostly caused by secular variation, the behav-
iour of which can only be predicted from observations of previously recorded decli-
nations at known locations. The daily or diurnal variation in magnetic north also
causes it to swing through a range of values according to the time of day, and irregular
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variations can cause magnetic north to become unstable. Allowing for all of these, it is
not possible to determine the direction of magnetic north to better than +0.5° and it
is only used to give a general indication of north when no reliable maps are available
and when an arbitrary north is chosen for a survey.

Grid north is based on the Ordnance Survey National Grid, which is discussed in
detail in Chapter 8. To adopt this north direction, GNSS is used to give the National
Grid coordinates of control points.

Arbitrary north is the north direction commonly used on site to define bearings and
coordinates — the coordinate grid for a construction project could therefore be
aligned using any convenient direction to represent north even though this is not a
true, grid or magnetic north. For example, a coordinate grid may be aligned by using
existing control points or it could be aligned along some feature to suit site condi-
tions (such as the centreline of a long bridge or along a building line).

For those sites where traversing is used to provide control, it is usual that an inde-
pendent or local coordinate grid is adopted in which an arbitrary north is used. This
chapter deals with the fieldwork and calculations required for this type of control survey.

Calculation of rectangular coordinates

On a coordinate grid, the direction of a line between two points is known as its
bearing. The whole-circle bearing of a line is measured in a clockwise direction in the
range 0 to 360° from a specified reference or north direction. Examples of whole-
circle bearings are given in Figure 6.2.

Figure 6.3 shows the plan position of two points A and B on a plane rectangular
grid. If the coordinates of A (Ep, Nj) are known, the coordinates of B (Eg, Np) are
obtained from A as follows

EB =EA+AEAB =EA +DAB SiHQAB (613)
NB =NA+ANAB ZNA +DAB COSGAB (61b)
where

AEap = the eastings difference from A to B

AN p = the northings difference from A to B
Dpp = the horizontal distance from A to B
0ap = the whole-circle bearing from A to B

The calculation of easting and northing differences from a bearing and distance
is known as a polar to rectangular coordinate conversion. The coordinates of B are ob-
tained by computing the eastings and northings differences first and then applying
these to the coordinates of A. If a calculator is used, values of AE and AN can be ob-
tained directly from the equations. Alternatively, the polar — rectangular function
found on most calculators can be used to calculate AE and AN. Since the method for
doing this varies with the make and model of each calculator, the handbook sup-
plied with the calculator should be consulted for details of how to perform these
calculations. There are also several software packages available that can perform co-
ordinate calculations and they can also be carried out by the majority of total sta-
tions.



Traversing and coordinate calculations

6 = Whole Circle Bearing (WCB)

Figure 6.2 ® Whole-circle bearings.
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AEpg = Eg — En

E

Figure 6.3 @ Calculation of rectangular coordinates.

Worked example 6.1: Polar to rectangular conversions

Question

The coordinates of point A are 311.617 mE, 447.245 mN. Calculate the coordinates of
point B where Dap = 57.916 m and 6,3 = 37°11'20" and point C where Dpc = 85.071
m and 65c = 205°33'55".

Solution
With reference to Figure 6.3 and equations (6.1a) and (6.1b)
Eg = Ep + Dpp Sin O,p Np = Np + Dpg cOsOpp
=311 617 +57.9165in 37°1120" =447.245+57.916¢c0s37°1120"
=311 617 +35.007 =447.245+46.139
=346.624 m =493.384 m

Similarly
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Ec = Ep + Dpc Sin 0y Nc = Np + Dpc cosOyc
=311617 +85.0715in 205°33'55" =447.245+85.071c0s205°33'55"
=311617-36.711 =447.245-76.742
=274.906 m =370.503 m

Polar coordinates

Another coordinate system used in surveying is the N 4
polar coordinate system shown in Figure 6.4. When
using this, the position of point B is located with
reference to point A by polar coordinates D and 6
where D is the horizontal distance between A and B
and 6 the whole-circle bearing of the line A to B. D
Although polar coordinates could be used to define
absolute position using an origin as eastings and
northings do on a rectangular coordinate system,
they are only used in surveying for defining the
relative position of one point with respect to
another. Figure 6.4 ® Polar coordinates.

In Worked example 6.1, it was shown that the
coordinates of one end of a line joining two points can be computed from the other
using the whole-circle bearing and horizontal distance.

For the reverse case where the coordinates of both points at each end of a line are
known, it is possible to compute the horizontal distance and whole-circle bearing of
the line between the points. This is known as an inverse calculation or rectangular to
polar coordinate conversion and is frequently used in engineering surveying when
setting out with coordinates. Horizontal distances and whole-circle bearings can be
calculated by a number of methods - these include determining the quadrant of the
line and applying formulae with a calculator, using the rectangular — polar function
found on most calculators or by using a commercial software package. Many total
stations will also perform these calculations directly from coordinates.

Worked example 6.2: Rectangular to polar conversion

Question

The coordinates of two points A and B are known as Ep =469.721 m, Nj = 338.466 m
and Eg = 501.035 m, Ng = 310.617 m. Calculate the horizontal distance Dpg and
whole-circle bearing 6,p of line AB.

Solution

The procedure for calculating the distance and bearing using quadrants is as follows.
The distance between A and B is given by p,, = / AE3p + AN3g -
Since AE g =(Eg — Ep) and AN, = (Ng — N, ) it follows that
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Figure 6.5 ® Quadrants.

Dap = {(Eg — E)* + (Ng - Ny )2

= \/( 501.035-469.721)% + (310.617 —338.466)>

— 31.314% + (-27.849)7
— 41.906 m

A sketch showing the relative positions of the two points is drawn to show which
quadrant the line is in. Doing this correctly is important as the most common source
of error in this type of calculation is the wrong identification of quadrant. For whole-
circle bearings, the four quadrants are shown in Figure 6.5 together with the set of
rules for calculating whole-circle bearings in each quadrant. For this problem, Figure
6.6 shows the sketch for points A and B and the whole-circle bearing AB to be in
quadrant II. Applying the rule for quadrant II gives

N a

Figure 6.6 ® Worked example 6.2: Rectangular to polar conversion.
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0,p = tan~! AEAB |, 1800 = tan~1| 21314 | 4500
ANy 27.849
= tan~! [-1.124421] + 180° = —-48°2107"+180°
=131°38'53"

When using the rectangular — polar function on a calculator, values of D and 6 are
obtained directly. However, the coordinate values must be entered into the calculator in
the correct sequence, otherwise the wrong bearing will be obtained. The same care with
data entry must be taken when using computer software or a total station.

Coordinate measurements with total stations

The horizontal circle of a total station can be set to read whole-circle bearings
directly using the following procedure. First, the coordinates of the instrument
station are entered into the total station, followed by the coordinates of a refer-
ence station, as shown in Figure 6.7. Second, the reference station is sighted and
an orientation program in the instrument is activated to carry out a rectangular —
polar conversion and calculate the whole-circle bearing A from the instrument
station to the reference station and to set the horizontal circle to display this
bearing. This is known as horizontal circle orientation, and whatever direction the
total station is pointed in after this, it will display the whole-circle bearing along
that direction.

Having orientated the horizontal circle of a total station, the coordinates of
other points can be determined fairly easily. In Figure 6.8, a new point P is sighted
and the total station will display the whole-circle bearing B to this. The horizontal
distance D is measured and, using the coordinate measurement program, the instru-
ment will now carry out a polar — rectangular conversion to calculate and display
the coordinates of the new point. This can be extended to three dimensions if the
height of the instrument station S and appropriate instrument and reflector

N4
N
A
1
Nrb--eo-- -i o Reference
| i station
! |
1 1
Ns|_____S¢ :
: Instrument '
1 station |
| |
1 1
Es Er E

Figure 6.7 ® Horizontal circle orientation: £5, N5 and Eg, Np are entered into total station
which calculates A and orientates to this.
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N a
N
A
! B Ep=Es+ Dsin B
Ngl-----2 : Np = Ns + D cos B
1
1
1
NplL______ D p
1 1
' ' New point
| |
Es Ep E

Figure 6.8 ® Coordinate measurement: point to P and measure D - total station calculates
Ep, Np from instrument station.

heights are also entered into the total station, which will then display the height
of the new point. This is calculated using trigonometrical methods described in
Section §.6.

Reflective summary W%E

S

With reference to rectangular and polar coordinates, remember:

— Horizontal position is nearly always defined in site surveying as eastings and
northings (in the order E, N) on a plane (or flat) rectangular grid.

— Most rectangular grids are based on an arbitrary north direction as this is usually
the most convenient and simple way of defining coordinates for a construction
project.

— A lot of setting out on construction sites is done using rectangular coordinates.
Everyone doing this must be able to carry out the required calculations even
when setting out information has already been pre-computed as it may be
wrong, need checking or be computed for the wrong control points.

— Polar coordinates involve bearings and distances and are used in surveying to
define the relative position of one point with respect to another.

— Coordinate calculations either involve converting measured bearings and
distances into rectangular coordinates (a polar — rectangular conversion) or,
when setting out, converting coordinates into bearings and distances (a rectan-
gular — polar conversion). These can all be carried out using a calculator, a data
collector or computer.

— Total stations are used extensively for setting out with coordinates. To do this,
they have a number of special applications programs installed for calculating and
displaying coordinates.
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6.3 Coordinate transformations

After studying this section you should understand what coordinate transformations
are and how to calculate transformation parameters for these.

The use of coordinate transformations on site

A problem that frequently occurs in engineering surveying is that of transforming
coordinates of points from one reference system into their equivalent positions on
another. Without proper management, coordinate transformations can cause many
misunderstandings and errors to arise on site and they should be avoided where
possible. If they are to be used, it is good practice to have them done as early as
possible in a project and any transformation parameters that are to be used on site
must be specified in contract documents.

For sites where GNSS is to be used, extreme care is required when defining GNSS
coordinates in relation to a site datum. This can involve the use of fairly complicated
coordinate transformations. In the simplest case, however, a site may only require
conversions between eastings and northings on two different plane rectangular coor-
dinate grids. This requires a two-dimensional coordinate transtormation, and the
calculations required for this are given below.

Two-dimensional coordinate transformations

Suppose points on an old e-n coordinate system are to be transformed into those on a
new E-N coordinate system. To do this, the e-n coordinate system has to be rotated
through angle 6 so that its axes are parallel to the E-N coordinate system and its
origin has to be shifted (or translated) through Eqy and Ny, as shown in Figure 6.9.
There will also be a change of scale s between the two coordinate systems. This gives
rise to four transformation parameters, which are given by

a=scos 6 b=ssin 6
c=Ey d= Ny
N A
n
9 e
Eo No

»

E
Figure 6.9 ® Two-dimensional coordinate transformation.
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These parameters are determined by knowing the coordinates of at least two control
points in both coordinate systems. If these are point A with coordinates (ea, 115), (Ea,
Njp) and point B with coordinates (eg, 1), (Eg, Np) it can be shown that

Ep=aep—bnp +c (6.2a)

Np=bep +anpy +d (6.2b)
and

Eg =aeg - bng + ¢ (6.3a)

Np = beg + ang + d (6.3b)

These equations are solved by entering the coordinates of A and B into them from
both coordinate systems. The parameters obtained can then be used for transforming
coordinates between the two coordinate systems.

Worked example 6.3: Four parameter coordinate transformation

Question

On a construction site, the coordinates of the control points used for the site survey
are to be transformed into coordinates on a new setting out grid. The coordinates of
control points A and B in the outdated e-n and revised E-N coordinate systems and
those of point C in the e-n system are as follows, where all units are in metres.

e n E N
A 250.000 450.000 198.463 569.836
B 337.367 522.240 268.100 659.294
C 309.500 475.250

Calculate values for the four transformation parameters between the two coordinate
systems and the coordinates of point C on the new E-N system.

Solution
The known coordinates of control points A and B are entered into the transformation
equations as:

For point A from equations (6.2a) and (6.2b):
198.463 = 250.000a — 450.000b + ¢
569.836 = 250.000b + 450.000a + d

For point B from equations (6.3a) and (6.3b):
268.100 = 337.367a - 522.240b + ¢
659.294 = 337.367b + 522.240a + d

Solution of these four equations gives

a=0.9762540 b =0.2167135
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c=51.921m d=176.343 m

The coordinates of point C are obtained as follows

E; = aec —bng + ¢ =0.9762540(309.500) - 0.2167135(475.250) + 51.291
=251.079 m

N¢ = bec + anc +d =0.2167135(309.500) + 0.9762540(475.250) + 76.343
=607.381 m

This solution for the transformation parameters relies on two control points only,
and for a better solution with a check, more control points must be introduced whose
positions are known in both coordinate systems.

Transformation equations can be solved manually, but as the number of points used
in the transformation increases, it is better to use a computer to do this.

Reflective summary W%E
S
With reference to coordinate transformations, remember:

— Using well-established methods, it is always possible to convert coordinates from
one plane rectangular grid to another provided the positions of at least two
points are known on both grids.

— There are many different types of transformation possible in surveying varying
from those with four parameters for converting coordinates in two dimensions
between plane rectangular grids to those requiring seven (or more) parameters
when converting three-dimensional GNSS coordinates to Ordnance Survey or
local coordinates.

— Where possible, it is always best to work with one coordinate system on site. As
soon as another is introduced, for whatever reason, there is a good chance that
mistakes will be made by using the wrong system or when converting coordi-
nates between them.

6.4 Planning and fieldwork required for traversing

After studying this section you should understand what traverses are. You should
also appreciate that proper planning is essential for these and you should be aware of
the methods used to measure angles and distances for traverses.

This section includes the following topics:
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® Types of traverse
® Reconnaissance
® Station marking

® Angle and distance measurements

Types of traverse

A traverse is a means of providing horizontal control in which the rectangular coordi-
nates of a series of control points located around a site are determined from a combi-
nation of angle and distance measurements. Control points in traversing are often
called traverse stations.

In Figure 6.10, a traverse has been run from existing control point A to unknown
traverse stations 1-2-3 and then to existing control point X. This traverse opens
along AB, fixes the positions of 1, 2 and 3 by measuring the angles and distances
shown and then closes along XY. For this reason this traverse is called a link traverse
(or sometimes a connecting or closed-route traverse). The origin and north direction of
a link traverse are set by the coordinates of the opening control points A and B.

In Figure 6.11(a), a traverse starts at point A and returns to A via traverse stations 1,
2 and 3. In this case the traverse is called a polygon traverse (or sometimes a loop or

Measured angle

N

Measured distance

o--
B 2
Figure 6.10 ® Link traverse.
3
B
A 2
(a) 1 (b)

Figure 6.11 ® Polygon traverses.
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closed-ring traverse) since it closes back on itself to form a polygon. The origin for this
traverse is defined by point A which can be an existing control point or a traverse
station with an assumed position — an arbitrary bearing is assigned to one of the lines
to define the orientation and north direction. Figure 6.11(b) shows another polygon
traverse based on two existing control points in which the origin and orientation are
defined by the coordinates of A and B.

Both the polygon and link traverses described here are known as closed traverses,
since there is an external check on the observations and fieldwork as they both start
and finish at known or assumed points.

Reconnaissance

This is one of the most important parts of any control survey and must always be
done before any angles or distances are measured. The main aim of the
reconnaissance is to locate suitable positions for the traverse stations and it cannot be
over-emphasised that a poorly executed reconnaissance can result in difficulties at
later stages on site, leading to wasted time and increased costs. To carry out a
thorough reconnaissance, the following should be considered.

® To start a reconnaissance, information relevant to the survey area should be gathered,
especially that relating to any previous surveys. Such information may include
existing paper or digital maps, aerial or orthographic photographs and any site
surveys already prepared for the project. Using this, a diagram is drawn showing the
proposed locations of the traverse stations.

® Following this, it is essential that the site is visited, at which time the final positions
for the stations are chosen. For small sites and where no previous information is
available, the site visit becomes the reconnaissance.

® When locating stations, an attempt should be made to keep the number of traverse
stations to a minimum and short traverse lines should be avoided to minimise the
effect of any centring errors (the effect of these are discussed in Section 3.6).

® [fthe traverse is to be used for mapping and measurements are to be taken with a total
station, a polygon traverse is usually positioned around the area at points of
maximum visibility. It should be possible to observe cross checks or lines across the
area to assist in the location of any angular errors.

® On a construction site, traverse stations are put in place for the best accuracy and ease
of setting out, but the effect of the construction must be taken into account as this
may block lines of sight as work proceeds. Traverses for roads, railways and
pipelines generally require a link traverse, since these sites tend to be long and
narrow. In this case, the shape of the road or pipeline dictates the shape of the
traverse.

® Although these would normally be measured with a total station, if distance
measurements are to be carried out using tapes, the ground conditions between
stations should be suitable for this purpose. Steep slopes or badly broken ground
along the traverse lines should be avoided and it is better if there are as few changes
of slope as possible. Roads and paths that have been surfaced are usually good for
ground measurements.
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® Stations should be located such that they are clearly intervisible, preferably at ground
level, so that it is possible to see the ground marks at adjacent stations and as many
others as possible - this makes it easier to measure the angles and enhances their
accuracy. However, owing to the effects of lateral refraction and shimmer, traverse
lines of sight should be well above ground level (greater than 1 m) for most of their
length to avoid any possible angular errors due to observations passing close to
ground level (grazing rays) — these effects are serious in hot weather.

® Stations should be placed in firm, level ground so that the total station and tripod are
supported adequately when observing at the stations. Very often, stations are used
for a site survey and at a later stage for setting out. Since some time may elapse
between the site survey and the start of the construction, the choice of firm ground
in order to prevent the stations moving in any way becomes even more important.
It is sometimes necessary to install semi-permanent stations.

® When the positions of stations have been chosen, a sketch of the traverse should be
prepared, approximately to scale, to help in the planning and checking of
fieldwork. On this, the stations are given reference letters or numbers.

® Based on the specification for the traverse, the final part of the planning for the
traverse is to choose the instrument(s) to be used for the survey. This is discussed
further in Section 6.5, but see Table 6.5 for guidance.

Station marking

When the reconnaissance has been completed, the stations have to be marked for the
duration, or longer, of the survey. Station markers must be permanent and not easily
disturbed, and it should be easy to set up and centre an instrument over them. The
construction and type of station depend on the requirements of the survey.

For general purpose traverses, 50 mm square wooden pegs can be used, which are
hammered into soft ground until only the top 50 mm of the peg is showing above the
ground. If it is not possible to drive the whole length of the peg into the ground the
excess should be sawn off to avoid it being knocked. A nail should be tapped into the
top of the peg to define the exact position of the station. Figure 6.12(a) shows such a

50 mm of peg
above ground

level % <?>

9?

|
S

T ———— 500 mm square
| block of concrete

- -- --7 around peg
s0mm — | 300-500 mm
square peg
7 | ——— Longer peg used
@) ()

Figure 6.12 ® Wooden peg: (a) typical dimensions; (b) longer duration in concrete.
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station from which several months use is possible. To increase the duration of this
type of station, it can be encased in concrete, as shown in Figure 6.12(b).

Ground markers provide a more permanent method of station marking in soft
ground. As shown in Figure 6.13, several different versions of these are available.
They consist of a ribbed steel bar of length up to 1 m, which can be driven into the
ground with a lump hammer. The bar is fitted with retention lugs or an anchor to
provide a stable survey station that is resistant to accidental displacement and
vandalism. The bar is also attached to a head of some sort into which is located a
coloured washer that is secured to the top of the marker with a domed stud. The stud
acts as a point for centring instruments and as a high point for levelling purposes.

Stations in hard surfaces can be marked with a P-K masonry nail (see Figure 6.14),
which is 6 mm in diameter and is available in lengths up to 64 mm. To help identify a
station, they can be used with a steel or plastic marking washer.

As the need for longer term stability or better precision arises for a control survey,
the complexity of station marks increases. The steel pin set in concrete shown in
Figure 6.15 and the observation pillar shown in Figure 6.16 are designs for long-term
survey stations. The Ordnance Survey triangulation pillar shown in Figure 8.9 is

Ground marker designs

Installation Washer and stud to mark station
Figure 6.13 ® Ground markers (courtesy York Survey Supply Centre).
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Figure 6.14 ® P-K masonry nail and installation (courtesy York Survey Supply Centre).

25 mm diameter

steel pin
/

N

Pin encased in
200 mm diameter
concrete

F----

Depth of concrete and length of
pin vary according to ground conditions

Figure 6.15 @ Steel pin in concrete.

Plate for attaching survey equipment to pillar

Reinforced concrete-
filled drainage pipe
at least 1 m high

E Sub-base depends on
ground conditions

Methods for sub-base

in rock — use reinforcing bars fixed to rock

in granular soil — use additional concrete-filled pipes
in clay — use concrete pile driven to refusal

Figure 6.16 ® Observation pillar.
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STATION DESCRIPTION
Date 4 October 2009 SKETCH
N

Project City Riverside Flats

Trinity Lane

OXBRIDGE
Contractor Ace Developments MH cover

Hammersmith D

LONDON Post
Station identity A-3 O S v,}g

N N
- AN

Coordinates 356.890 mE

551.062 mN

Local grid

ocal gri 6.71 m

Type Steel pin in

concrete
Notes Gully
Original survey April 09
Station coordinates checked Oct 09 CHURCH ROAD

Figure 6.17 @ Station description.

another example. Observation pillars are the most expensive type of survey station
and they are only used when high accuracy and a very long-term station are required.

All stations in a traverse should have a station description prepared that provides all
the information shown in Figure 6.17. On this, measurements are taken from the
station to nearby permanent features to enable it to be relocated.

Angle and distance measurements

After the traverse stations have been put in place, the next stage in the field procedure
is to use a theodolite or total station to measure the angles between the traverse lines.
This requires two operations: setting the instrument over each station and measuring
an angle. In most cases it will be necessary to have targets in place, since the station
marks may not be directly visible. Suitable types of target are described in Sections 3.5
and 5.2.

The measurement of traverse angles requires that the targets and theodolite or total
station be located in succession at each station. If this operation is not carried out
accurately centring errors are introduced, the effect of which depends on the length
of an individual traverse line. If a target displacement of 5 mm occurs on a 100 m
traverse line, the resulting angular error can be as large as 10". Although this should
be avoided, the same displacement on a 25 m traverse line will produce an unaccept-
able angular error of 40". As centring errors are carried through a traverse, all bearings
calculated after the error has occurred will be incorrect and if the theodolite or total
station is also not centred properly, another source of error arises.
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D
Figure 6.18 ® Three-tripod traversing.

As can be seen, care with centring is vital, especially when traverse lines are short.
In engineering surveying short lines are often unavoidable — for example, in surveys
in mines and tunnels and on congested sites. One way of reducing the effects of
centring errors in such cases is to use three or more tripods during a survey and to use
theodolites and total stations that can be detached from their tribrachs and inter-
changed with a target or prism set (see Figure 3.4). This is known as three-tripod
traversing and operates as follows, with reference to Figure 6.18.

When angle ABC is measured

® At A atripod is set up and a tribrach attached to the tripod head. A target or prism
set is placed into the tribrach and clamped in position. The target or tribrach will
have a circular bubble attached so that the target can be set vertical by levelling
using the tribrach footscrews. In order to be able to centre the target, the tribrach
has a plummet.

® At B the total station (or theodolite) is set up in the normal manner.
® At C a tripod and target are set up as at A.
This enables the horizontal angle at B to be observed and, if a total station is being
used, enables distances BA and BC to be measured.
When angle BCD is measured

® At A the tripod and target are moved to D, where the target is centred and set
vertical.

® At B the total station or theodolite is unclamped, removed from its tribrach and
interchanged with the target at C. Hence, at B and C, the tripods and tribrachs
remain undisturbed and there is no need for recentring.

With the equipment set in this position, the horizontal angle at C and distances CB
and CD are measured. A check can be made on the horizontal distances BC and CB at
this stage.

When angle CDE is measured

® At B the tripod and target are moved to E.

® The total station (theodolite) and target at C and D are interchanged, the tribrachs
(and centring) remaining undisturbed.
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AT STATION C
Angles

POINT  FACE LEFT FACE MEAN ANGLE
RIGHT

00 07 22 180 07 18 00 07 20
192 23 38 12 23 44 192 23 41 192 16 21

87 32 35 267 32 26 87 32 31

B
D
B
D 279 49 10 99 49 04 279 49 07 192 16 36

FINAL ANGLE = 192 16 29
Distances
CB =47.580 mv CD = 65.254 wmv

Diagrom

Figure 6.19 @ Recording traverse data.

The process is repeated for the whole traverse. If four tripods (or more) are used this
speeds up the fieldwork considerably, as tripods can be moved and positioned whilst
angles and distances are being measured.

When three-tripod traversing, care is still needed to avoid centring errors when
setting up each tripod, but the difference between this and conventional traversing is
that a centring error is confined to the station at which it occurs and errors do not
accumulate through the traverse.

The method given in Section 3.5 for measuring, booking and calculating angles
should be used whenever possible. In the case where no standard booking forms are
available, angles and distances can be entered in a field or note book as shown in
Figure 6.19, in which two complete rounds of angles have been observed and the zero
changed between rounds. When using an electronic theodolite or total station in
which the readings can be stored in a data collector or internal memory, these are
either processed on site or transferred to a host computer — traversing with a total
station is described in Section 6.5.

Errors that can occur in angular measurements are discussed in detail in Section 3.6,
but the various sources of error that may occur when measuring traverse angles are
summarised here. These errors are:

® Tnaccurate centring of the theodolite, total station or target
® Non-verticality of targets
® Tnaccurate bisection of targets

® Parallax not eliminated
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® Lateral refraction, wind and atmospheric effects

® Theodolite or total station not level or not in adjustment

® [ncorrect use of the theodolite or total station

® For manually recorded surveys, mistakes in reading and booking

Measurement of the lengths of traverse lines is done using steel tapes or a total station.
If a total station is being used, this has the considerable advantage that both angular
and distance measurements are combined at each traverse station. The various
sources of error that may occur when using steel tapes and total stations are covered
in Chapters 4 and 5, but particular attention should be paid to the following:

® Mistakes and systematic errors in taping

® Inaccurate centring of a total station or prism affecting distances in this case
® Total station not level or not in adjustment

® [ncorrect use of the total station

® For manually recorded surveys, mistakes in reading and booking

All the measured lengths of the traverse lines must be converted into horizontal
distances before they can be used in a traverse calculation. If all of the lengths have
been measured with a total station, it is important that the instrument is set to
display horizontal distances directly. If slope lengths have been measured with a

Arbitrary N
A

115°11'20"

110°29'50"

Bearing AF = 70°00'00"

Coordinates A = 350.000 mE, 500.000 mN

All lengths corrected and reduced to horizontal
All angles are mean observed angles

10" total station used

57.482m

130°36'00"

95°00'10"

129°49'10"

Figure 6.20 ® Traverse abstract.
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tape, a slope correction must be applied to convert these to horizontal distances (see
Section 4.3 Systematic errors in taping — Slope measurements and slope corrections).

Further corrections are required when the traverse is to be computed using na-
tional coordinates. This will require mean sea level corrections and scale factor to be
applied to the horizontal distances — these corrections are described in Section 8.7
Ordnance Survey National Grid and Ordnance Datum Newlyn for surveys based on coor-
dinates in Great Britain.

When all the traverse fieldwork has been completed, a single sheet or file contain-
ing the mean angles observed and mean horizontal (corrected) distances measured
should be prepared. It is preferable to show all the data on a sketch of the traverse, as
this helps in the subsequent calculations and can minimise the chance of a mistake
occurring. Such a sketch is known as a traverse abstract.

A typical abstract of field data is shown in Figure 6.20, the angles and distances
being entered on to a traverse diagram - this will be referred to in the following
section, which deals with traverse calculations.

Reflective summary W%E

3
With reference to the planning and fieldwork required for traversing, remember:

— For small construction sites, horizontal survey control is usually provided by
traversing.

— The first stage in the traverse is to carry out a reconnaissance which locates the
positions of the stations — it is very important that this is done properly to ensure
that adequate control is available on site and that it is in the right place. A site visit
is an essential part of a reconnaissance.

— Other aspects of planning at this stage include making a decision as to the type of
traverse to be used — polygon or link. For a polygon traverse, the origin for coordi-
nates has to be chosen and an orientation defined. For a link traverse, existing
control must be available.

— There are many different types of control point available for site work, ranging
from a simple peg to an observation pillar — some care is needed when choosing
these. Remember to take into account the length of the project, ground condi-
tions, the accuracy required and whether vandalism is an issue.

— Traversing requires angles and distances to be measured — this can be done sepa-
rately by theodolite and tape or simultaneously using a total station. With refer-
ence to the specification given for the accuracy of the traverse, suitable
equipment has to be selected and correct field procedures adopted.

— When the fieldwork is completed, it is good practice to prepare an abstract of the
traverse to show all of the information required for calculating the coordinates of
the traverse stations from the measured angles and distances.
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6.5 Traverse calculations

After studying this section you should have a full understanding of how to calculate
the coordinates of traverse stations from measured angles and distances.
This section includes the following topics:

® Calculation of whole circle bearings
® (Calculation of coordinate differences

® (Calculation of coordinates

Calculation of whole-circle bearings

As shown in Section 6.1, to calculate the coordinates of a control point, distances
and bearings must be known. For a traverse, this procedure starts with the calcula-
tion of all the bearings for the traverse; then coordinate differences are determined
using these with the measured distances, and finally the station coordinates are
calculated.

The first part of a traverse calculation is to check that the observed angles sum to
their required value.

The observed angles of a polygon traverse can be either the internal or external angles,
and angular misclosures are found by comparing the sum of the observed angles with
one of the following theoretical values

sum of internal angles = (2n—-4) x90°
or sum of external angles = (2n+4) x90°

where n is the number of angles measured.

When the bearings in a link traverse are calculated, an initial back bearing can
usually be determined from known points at the start of the traverse and, to check
the observed angles, a final forward bearing is computed from known points at the end
of the traverse. The angular misclosure in a link traverse is found using

sum of angles = (final forward bearing — initial back bearing) + (m x 180°)

In this equation, m is an integer, the value of which depends on the shape of the
traverse. In most cases, m will be (n - 1), n or (n + 1), where n is the number of angles
measured between the initial back bearing and final forward bearing. Worked
example 6.5 for a link traverse given later in this section shows how m is determined.

For both types of traverse, care must be taken to ensure that the correct angles have
been abstracted and summed. These are the internal or external angles in a polygon
traverse and the angles on the same side of a link traverse.

Owing to the effects of occasional miscentring, slight misreading and small bisec-
tion errors, a small misclosure will usually result when the summation check is made.
For most site traverses, the allowable misclosure E in the measured angles is given by
(see Section 9.3: Propagation of angular errors in traversing)

E"=+KSVn

where
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K is a multiplication factor of 1 to 3 depending on weather conditions and
the number of rounds taken

S is the smallest reading interval on the theodolite or total station in seconds,
for example 20", 5", 1"

n is the number of angles measured.

Because a 10" total station was used, the allowable misclosure for the traverse shown
in the abstract of Figure 6.20 varies from (with K = 1 and n = 6) +1x10x~+/6 = 24" to
(with K = 3) £3x10 x~/6 = 73".

When the actual misclosure is known and this is compared to the allowable value,
two cases will arise.

® [fthe misclosure is acceptable (less than the allowable) it is divided equally between
the observed angles. An equal distribution is the only acceptable method, since
each angle is measured in the same way. No attempt should be made to distribute
the misclosure in proportion to the size of an angle.

® [f the misclosure is not acceptable (greater than the allowable) the angles must be re-
measured if no gross error can be located in the angle bookings or summation. It
may be possible to isolate a gross error in a small section of the traverse if check
lines have been observed across it.

The determination of the misclosure and adjustment of the angles of the polygon
traverse ABCDEFA given in the abstract of Figure 6.20 are shown in Table 6.1.

Worked example 6.5 at the end of this section shows how the angles in a link
traverse are adjusted.

The next stage in the traverse calculation is to determine the forward bearings of all
the traverse lines.

Consider Figure 6.21, which shows two lines of a traverse on each side of a traverse
station Y. The decision has been made to calculate the traverse in the direction ... X —
Y — Z ... which defines the bearings between the stations as follows.

Table 6.1 ® Adjustment of angles for polygon traverse.

Station  Observed angle  Adjustment  Adjusted angle

A 115°11'20" -10" 115°11'10"
B 950010 -10 9500 00
C 129 49 10 -10 129 49 00
D 130 36 00 -10 130 35 50
E 110 29 50 -10 110 29 40
F 138 54 30 -10 138 54 20
Sums 720 01 00 -01'00" 720 00 00

Required sum = [(2 x 6) — 4] x 90° = 720°
Misclosure = +01'00" (acceptable for 10" total station with K= 3)
Adjustment per angle =-01'00"/6 =-10"
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Direction of computation

z

Oyx = back bearing YX
+ 7y = left-hand angle at Y

= 6yz = forward bearing YZ
Figure 6.21 @ Calculation of whole-circle bearings.

Bearings XY and YZ are forward bearings since they are in the same direction in
which the traverse is to be calculated.

Bearings YX and ZY are back bearings since they are opposite to the direction in
which the traverse is to be calculated.

Bearings XY and YX differ by +180°, as do those of YZ and ZY. Therefore the
forward bearing of a line differs from the back bearing by +180°.

For the direction of computation shown in Figure 6.21, yy is known as the left-hand
angle at Y since it lies to the left at station Y relative to the direction X— Y — Z.

If y is added to the back bearing YX it can be seen from Figure 6.21 that the
resulting angle will be the forward bearing YZ. Therefore

forward bearing YZ = back bearing YX +
and in general for any traverse station
forward bearing = back bearing + left-hand angle

For polygon traverses when working in an anticlockwise direction around the traverse,
the left-hand angles will be the internal angles of the traverse and when working in a
clockwise direction, the left-hand angles will be the external angles.

Some of the forward whole-circle bearings of the lines of the traverse ABCDEFA
shown in Figure 6.20 will now be computed using the adjusted left-hand angles of
Table 6.1. Figures 6.22 and 6.23 show the relevant sections of this traverse for these
calculations.

The calculation of whole-circle bearings must start with a known bearing or an
assumed arbitrary bearing. For the traverse here, the bearing AF is given as 70°00'00".
In this case, because the angles have been measured and recorded as internal angles,
the traverse is calculated in an anticlockwise direction and bearing AF is a back
bearing. As a result, at station A in Figure 6.22:
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Adjusted left-hand angle at A
=115°11'10"

Adjusted left-hand angle

Forward bearing AB at B = 95°00'00"

=70°00'00" + 115°11'10" = 185°11'10"

B
| /-
| Forward bearing BC C
| =100°11'10"
B Anticlockwise direction of computation :
Figure 6.22 ® Calculation of forward bearing Figure 6.23 @ Calculation of forward
AB. bearing BC.

forward bearing AB = back bearing AF + adjusted left-hand angle at A

Note the letter A here in forward bearing AB, back bearing AF and station A - if the
station letter or reference is not the first one in each case, a wrong bearing is being
used. To continue with the calculation of bearing AB:

forward bearing AB = 70°00'00" + 115°11'10" = 185°11'10"
At station B in Figure 6.23:
forward bearing BC = back bearing BA + adjusted left-hand angle at B

To convert the forward bearing AB into the back bearing BA use

back bearing BA = forward bearing AB + 180°
=185°1110"+ 180°
=365°1110" or 05°11'10"
= 05°11'10" (to keep the bearing in the range 0 to 360°)

This gives
forward bearing BC = 05°11'10" + 95°00'00" = 100°11'10"

The bearings of all the other lines can be computed in a similar manner.

If at some stage the result for a forward bearing is greater than 360°, then 360° must
be subtracted from it to give a bearing in the range 0 to 360°. For example, the
forward bearing CD is given by
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forward bearing CD = back bearing CB + adjusted left-hand angle at C
=280°11'10"+129°49' 00"
=410°00'10"

Since this is greater than 360°:
forward bearing CD = 410°00'10" — 360° = 50°00'10"

Assuming the observed angles have been adjusted correctly, the bearing calcula-
tion must finish by recalculating the start bearing, which in this case is the back
bearing AF. The computed version of this bearing must be in agreement with the start
value - if any difference occurs, an arithmetic mistake has been made and the calcula-
tion of all of the whole-circle bearings must be checked before proceeding to the next
stage in the traverse calculation.

When calculating a traverse, a systematic approach is required to minimise the
chance of any mistakes occurring. To achieve this, each stage of the calculation
should be tabulated and it is essential to show that a series of checks has been applied
successfully. There are many formats that can be adopted for this, but Table 6.2 is
recommended as a traverse form, although any design will do provided it meets the
criteria of a proper tabulation of each stage in the calculation and a clear display of all
the various checks.

Table 6.3 shows the complete calculation on the traverse form for all the whole-
circle bearings for traverse ABCDEFA and gives details of the angular misclosure for
the traverse. Note that the check has been applied and is correct as forward bearing
FA = 250°00'00" which is equivalent to back bearing AF = 70°00'00".

Calculation of coordinate differences

The next stage in the traverse computation is the determination of the coordinate
differences of the traverse lines.

The information available at this point will be the whole-circle bearings and hori-
zontal lengths of all the lines.

Traverse ABCDEFA is again used in the following examples together with the
whole-circle bearings given in Table 6.3. With reference to Section 6.1, consider line
AB in Figure 6.24 in which the eastings difference is given by

AEAB = DAB Sin OAB
=85.874s5in 185°11'10" = 85.874(—0.0903491)
=-7762m

Similarly, the northings difference is

ANAg = Dpg COSOxp
=85.874c0s185°11'10" =85.874(—0.995906)
=-85.522 m

For line BC shown in Figure 6.25, the coordinate differences are given by
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B 95 00 00
BC 100 11 10 100 | 11 | 10
CB 280 11 10
C 129 49 00
CD 410 00 10 50 | 00 | 10
DC 230 00 10
D 130 35 50
DE 360 36 00 00 | 36 | 00
ED 180 36 00
E 110 29 40
EF 291 05 40 | 291 | 05 | 40
FE 111 05 40
F 138 54 20
FA 250 00 00 | 250 | 00 | 00

Sum of left-hand angles = 720°01'00"
Required sum = (2 x 6 — 4) x 90°=720°

Misclosure = +60"
Adjustments are -10" to each angle

suoIe[ND[ed 31eUIPI00d pue buisisAel |
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N 4
|
|
|
Ors = 185°11'10"
A |
N A
| )
£ | o\\\\g
X | AW
[ | ANag =-85.522m |
p B Afgc = +129.238 m
s ANgc =-23.221 m
[ Dgc =
Q | BC 137-308m
|
|

B \Afw=-7.762m |
Figure 6.24 @ Calculation of co-  Figure 6.25 ® Calculation of coordinate differences

ordinate differences along AB. along BC.

AEBC = DBC Sin HBC
=131.308sin 100°11'10" = 131.308(+0.984239) = +129.238 m

ANBC = DBC COoS OBC
=131.308c0s100°11'10"=131.308(-0.176846) = -23.221 m

Table 6.4 shows all the calculations for the coordinate differences added to the

traverse form.
When all of the coordinate differences AE and AN have been computed, further

checks can be applied to the traverse.
For polygon traverses these are

YAE should = 0 and XAN should = 0

since the traverse starts and finishes at the same point.
For link traverses, the checks are

YAE should = Ex — Ex and AN should = Nx — Ny

where station A is the starting point and station X the final point of the traverse.
Since stations A and X are of known position, the values of Ex — Ex and Nx — N can
be calculated.

In both cases, owing to on site errors in measuring the distances, there will
normally be a misclosure on returning to the starting point in a polygon traverse or
on arrival at the final known station in a link traverse.

In order to assess the accuracy of the traverse, the AE and AN values are summed
and the misclosures in easting ep and in northing ey are computed by comparing the
summations with those expected. These misclosures form a measure of the linear
misclosure of the traverse and can be used to determine its accuracy. Consider Figure
6.26, which shows the starting point P of a polygon traverse. Because of measure-
ment errors, the traverse ends at P' instead of P. The linear misclosure e is given by



CB 280 11 10
C 129 49 00
CcD 410 00 10 50 | 00 | 10 60.367 +46.246 +38.801
DC 230 00 10
D 130 35 50
DE 360 36 00 00 | 36 | 00 57.482 +0.602 +57.479
ED 180 36 00
E 110 29 40
EF 291 05 40 291 | 05 | 40 105.344 -98.285 +37.914
FE 111 05 40
F 138 54 20
FA 250 00 00 250| 00 | 00 74.496 -70.003 -25.479

X =514871 ¢ =+0.036 ¢,=-0.028

Sum of left-hand angles = 720°01'00"

Required sum = (2 x 6 — 4) x 90°=720°

Misclosure = +60" Linear misclosure = [(+0.036)" + (-0.028)]"* = 0.046
Adjustments are —10" to each angle Fractional linear misclosure = 1 in 514.871 + 0.046 = 1in 11,200

suoIe[ND[ed 31eUIPI00d pue buisisAel |
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Figure 6.26 ® Traverse misclosure.

e=yek +ed

To obtain a measure of the accuracy of the traverse, the value of e is compared with
the total length of the traverse lines D to give the fractional linear misclosure, where

. : . . D
fractional linear misclosure = 1 in =—
e

The fractional linear misclosure for traverse ADCDEFA can be obtained from Table
6.4, remembering that the traverse is a polygon. From Table 6.4

YAE =-7.762 + 129.238 + 46.246 + 0.602 — 98.285 - 70.003 = +0.036 m

or

eg = + 0.036 m since XAE should be zero

YAN =-85.522 - 23.221 + 38.801 + 57.479 + 37.914 - 25.479 = -0.028 m
or

en =— 0.028 m since AN should be zero
Therefore

Linear misclosure = e = \/(0. 036)2 + (0. 028)Z =0.046 m

From Table 6.4
XD =514.871m

and

514.871
0.046

Fractional linear misclosure = 1 in

1in 11,200

This calculation is also shown at the bottom of Table 6.4.
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The fractional linear misclosure is always computed for a traverse before adjust-
ments to the coordinate differences and the station coordinates are calculated — this
is compared to its specification and a decision made to accept or reject the traverse.

If, on comparison, the fractional linear misclosure is better than the specified
value, the traverse fieldwork is satisfactory and the misclosures, eg and ey, are distrib-
uted throughout the traverse.

If, on comparison, the fractional linear misclosure is worse than that specified,
there may be an error in one or more of the measured traverse lines or compensating
errors in two or more of the observed traverse angles. The calculation should,
however, be thoroughly checked before re-measuring any distances or angles.

The accuracy required for a traverse depends on the survey work that it is to be
subsequently used for on site and three types of traverse can be classified, as shown in
Table 6.5. The most common type of traverse for general engineering work and site
surveys would be of typical accuracy 1 in 10,000 - this chapter is concerned mainly
with an expected accuracy range of about 1 in 5000 to 1 in 20,000.

In order to achieve a stated accuracy or specification, the correct equipment must
be used and an important factor when selecting traversing equipment is that the
various instruments should produce roughly the same order of precision. For
example, it is pointless using a 1" theodolite to measure traverse angles if the
distances are being measured with a synthetic tape. Conversely, using a total station
with a high-order specification of 1" or 2" for angle measurement and +(2 mm + 2
ppm) for distances is inappropriate for low accuracy traversing. Table 6.5 gives a
general indication of the grouping of suitable equipment.

Table 6.5 ® Traverse specifications.
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Type Typical Purpose Angular measurement  Distance measurement
accuracy
Geodetic 1in ® Provision of very Use 0.1" industrial Accuracy better than 1
or precise 50,000 accurate reference theodolite mm required — use
or better points for engineering specialised electronic
surveys distance measuring
e Primary control surveys equipment or industrial
total station
General 1in e General engineering Electronic theodolite or Use total station or steel
5000 to work including site total station with tapes to match accuracy
1in surveys and setting out  accuracy between 1" and requirement
50,000 of structures and 10" required
roadworks
e Adding secondary
control to primary
control networks
Low 1in 500 e Control for drainage Electronic or optical Total station, steel or
accuracy to1in schemes and theodolite of 20" or synthetic tapes can be
5000 earthworks lower accuracy required  used

e Small-scale mapping
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Returning to the example being developed here, a fractional linear misclosure of 1
in 11,200 has been obtained and the traverse is accepted.

Further methods for assessing the accuracy of traverses are given in Section 9.4.

The next stage in the traverse calculation is to adjust the coordinate differences
such that they sum to zero. Many methods of adjusting the linear misclosure of a
traverse are possible, but for everyday engineering traverses of accuracy up to 1 to
20,000 one of two methods is normally used.

Bowditch method

The values of the adjustment found by this method are directly proportional to the
length of the individual traverse lines. The method is best suited to taped traverse lines.

Adjustment to AE (or AN) for a traverse line

length of traverse line
= OE (or =—¢ (or —eyN) x
(or o) b N) total length of the traverse

For this method, the adjustment of the first two sets of AE and AN values in Table 6.4
is as follows (the misclosures have already been determined as e = 0.036 m, exy =-0.028
m and the total length of the traverse is 514.871 m).

For line AB
SEAp = —0.036 x 51548;;11 =-0.006 m ONpp = +0.028 x % =+ 0.005 m
For line BC
OEgc =-0.036 x 131.308 -0.009 m ONpc = +0.028 x 131.308 _ +0.007 m

514.871 514.871

Equal adjustment

For traverses measured by total station, the likely error in each distance will be inde-
pendent of the distance measured for normal work where traverse lines rarely exceed
100-200 m. For these traverses, the error in each measured distance will be of the
same order of magnitude and an equal distribution of the misclosure is acceptable. In
such cases

SE (or 8N) for each line = —ep(or—en)
n

where n is the number of traverse lines.
An equal adjustment to the same example gives the following for all the traverse
lines:
OF =

=-0.006 m ON = =+0.005 m

-0.036 +0.028
6 6

When all the adjustments have been calculated, they can be checked using

XOF should = - eg and 6N should = - eN
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If these checks are successful, adjusted values of AE and AN are obtained by
applying the corrections to the calculated values. Some care must be taken when
doing this somewhat simple arithmetic as this stage of the calculation is where
mistakes are often made, especially when the coordinate differences are in metres
and the corrections are recorded in mm. Table 6.6 shows the Bowditch adjustments
and the adjusted coordinate differences for traverse ABCDEFA. Note that the adjust-
ments and adjusted coordinate differences are also shown to be checked (the
adjusted coordinate differences should summate to zero for a polygon traverse).

Note: All methods of adjustment to a traverse will alter the original bearings and
distances entered on the traverse form by small amounts. If the bearings and
distances between the traverse stations are required for any setting out or other work,
they must be recalculated either from the adjusted coordinate differences or the
adjusted coordinates using polar to rectangular conversions. Do not use the original
bearings and distances entered on the traverse from.

Calculation of coordinates

To calculate the coordinates of the stations for polygon traverses, the coordinates of
the starting point can either be allocated to give positive coordinates for a site or to
align it with a structure or they may already be known if an existing station is used to
start the traverse.

To calculate the coordinates of the stations for link traverses, the coordinates of the
start and end points will be known and the coordinates of the new stations will be
fixed relative to these.

For both types of traverse, the coordinates of each station are obtained by adding
or subtracting the adjusted coordinate differences as necessary, working around the
traverse. This continues until the coordinates of the start point for a polygon are
recalculated or the coordinates of the end point in a link traverse are calculated — at
this point, the final check is made on the traverse calculation.

For a polygon traverse, the final and start coordinates should be the same.

For a link traverse, the final coordinates should be the same as those of the end point.

If this check shows a difference in these and assuming the coordinate differences have
been adjusted correctly, an arithmetic mistake has been made in the calculation of the fi-
nal coordinates — the best procedure in this situation is to recalculate the coordinates.

Returning to traverse ABCDEFA, the adjusted coordinate differences have been
determined so far. Using the start coordinates given for A of 350.000 mE, 500.000 mN
and Bowditch adjustments, the coordinates of station B are given by

Ep = Ep  AExp = 350.000 — 7.768 = 342.232 m
Np = Nj + AN = 500.000 — 85.517 = 414.483 m

The coordinates of station C are calculated from station B as

Ec = Ep + AEpc = 342.232 + 129.229 = 471.461 m
Nc = Nj £ ANpc = 414.483 — 23.214 = 391.269 m

This calculation is repeated until station A is re-coordinated as a check - see Table 6.7
for the full calculation on the traverse form.
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DA vo

B 95 | 00 | 00

BC 100 | 11 10 100| 11 | 10 | 131.308 | +129.238 | —23.221 | -0.009 | +0.007 | +129.229 | -23.214

cB 280 | 11 10

c 129 | 49 | 00

cD 410 | 00 | 10 | 50 | 00 | 10 | 60367 | +46.246 | +38.801 | -0.004 | +0.003 | +46.242 | +38.804

DC 230 | 00 | 10

D 130 | 35 | 50

DE 360 | 36 | 00 | 00 | 36 | 00 | 57.482 +0.602 | +57.479 | -0.004 | +0.003 | +0.598 | +57.482

ED 180 | 36 | 00

E 110 | 29 | 40

EF 291 | 05 | 40 |29 | 05 | 40 | 105344 | -98.285 | +37.914 | -0.008 | +0.006 | -98.293 | +37.920

FE 1M1 | 05 | 40

F 138 | 54 | 20

FA 250 | 00 | 00 250| 00 | 00 | 74496 | -70.003 | -25479 | -0.005 | +0.004 | -70.008 | -25.475
£=514871 e =+0.036 ¢,=-0.028 == I= £=0.000 ¥ =0.000

Sum of left-hand angles = 720°01'00"
Required sum = (2 x 6 — 4) x 90°=720°

Misclosure = +60"
Adjustments are 10" to each angle

-0.036 +0.028

Adjustments by Bowditch method
Linear misclosure = [(+0.036)" + (-0.028)]"* = 0.046
Fractional linear misclosure = 1 in 514.871 + 0.046 =1 in 11,200




Sum of left-hand angles = 720°01'00"
Required sum = (2 x 6 — 4) x 90°=720°

Misclosure = +60"
Adjustments are -10" to each angle

Adjustments by Bowditch method
Linear misclosure = [(+0.036)” + (-0.028)]"* = 0.046
Fractional linear misclosure = 1 in 514.871 + 0.046 =1 in 11,200

BC 100 11 10 100 | 11 | 10 131.308 +129.238 | -23.221 -0.009 +0.007 +129.229 | -23.214 471.461 391.269
CB 280 11 10

C 129 49 00
CD 410 00 10 50 | 00 | 10 60.367 +46.246 +38.801 -0.004 +0.003 +46.242 +38.804 517.703 430.073
DC 230 00 10

D 130 35 50

DE 360 36 00 00 | 36 | 00 57.482 +0.602 +57.479 -0.004 +0.003 +0.598 +57.482 518.301 487.555
ED 180 36 00

E 110 29 40

EF 291 05 40 | 291 | 05 | 40 105.344 -98.285 +37.914 -0.008 +0.006 -98.293 +37.920 420.008 525.475
FE 111 05 40

F 138 54 20

FA 250 00 00 250 |00 |00 74.496 -70.003 -25.479 -0.005 +0.004 -70.008 -25.475 350.000 500.000

~=514871 ¢,=+0.036 ¢,=-0.028 £=-0.036 X=+0.028 X=0.000 X=0.000

suoIeND[eD 31BUIPI00D pue buisisAel |
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Worked example 6.4: Polygon traverse

Question
The traverse diagram of Figure 6.27 is an abstract for a polygon traverse A1234A
which starts at existing control point A (642.515 mE, 483.980 mN) and is orientated
to existing control point B (548.005 mE, 594.279 mN).

Calculate the adjusted coordinates of stations 1-4 and the fractional linear
misclosure for the traverse.

Solution
The complete solution is given on the traverse form shown in Table 6.8. On the form
the following should be noted:

® All the various checks have been applied to the traverse calculation as follows
whole-circle bearings: bearing A—4 is recomputed at the bottom of the form

the § adjustments: XJE = — ep XON = - eN

the adjusted coordinate differences: X0E = 0 6N = 0

— station coordinates: coordinate calculation closes back to A

® The sum of the observed angles is 539°59'23" giving an angular misclosure of -37",
since the angles should sum to 540°. The adjustments are applied as equally as
possible to the nearest second and because 37 +5 is not an integer, small variations
are possible in the adjustment. These are not important and in this case, the
misclosure is allocated to the observed angles as A =+7",4=+47",3=+7", 2 = +8"
and 1 =+8".

® Since internal angles are given, the traverse must be computed anticlockwise. So,
even though it is numbered 1-2-3-4, it must be computed in the direction 4-3-2-1
starting at existing control point A.

® To obtain an opening whole-circle bearing on the traverse, an additional
calculation is required. To determine this, the whole-circle bearing from A to B is

109°13"15"

Figure 6.27 ® Diagram for Worked example 6.4: Polygon traverse.



4-3 113 50 53 113| 50 | 53 138.085 +126.295 | -55.829 +0.002 +0.006 +126.297 | -55.823 711.664 381.707
3-4 293 50 53
3 109 13 22
3-2 403 04 15 43 | 04 | 15 128.889 +88.019 +94.155 +0.002 +0.006 +88.021 +94.161 799.685 475.868
2-3 223 04 15
2 86 28 52
2-1 309 33 07 309| 33 | 07 75.369 -58.113 +47.993 +0.003 +0.006 -58.110 +47.999 741.575 523.867
1-2 129 33 07
1 118 30 48
1-A 248 03 55 248| 03 | 55 106.794 -99.063 -39.893 +0.003 +0.006 -99.060 -39.887 642.515 483.980
A-1 68 03 55
A 162 49 39
e = e, = = = = =
A-4 230 53 34 230| 53 | 34 | £=522787 -0.012 -0.030 +0.012 +0.030 0.000 0.000

Sum of left-hand angles = 539°59'23"
Required sum = (2 x 5— 4) x 90°= 540°

Misclosure = -37"
Adjustments are 3 x 7" and 2 x 8"

Adjustments by equal method
Linear misclosure = [(-0.012)? + (-0.030)?]"* = 0.032
Fractional linear misclosure = 1 in 522.787 + 0.032 =1 in 16,300

suoIe[ND[ed 31eUIPI00d pue buisisAel |
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first computed from the given coordinates following the method given in Section
6.1 for a rectangular — polar conversion. Since AB is in quadrant IV:

0 = tan-| AEAB || 3600 an-1[ $48-005-642.515 | o
B 594.279 —483.980

_an-1] 94510

110.299

= —40°35'30" + 360° = 319°24' 30"

} +360°= tan"'[-0.856853] + 360°

This is connected to the traverse through the observed angle BA4 = 88°30'56",
and by inspection of Figure 6.27 the bearing from A to 4 is given by

Op4 = Opp — 88°30'56" = 230°53'34"

This is the first bearing entered at the top of the traverse form and is a forward
bearing.

® The fractional linear misclosure of 1 in 16,300 for the traverse would be acceptable
for most engineering work.

® An equal adjustment has been used to correct the coordinate differences. Equal
adjustments to the coordinate differences can vary by small amounts when the
misclosure + the number of stations is not an integer. As these only vary by a
millimetre in magnitude, their differences are not important.

Worked example 6.5: Link traverse

Question
A link traverse was run between stations A and X as shown in the traverse diagram of
Figure 6.28. The coordinates of the existing control stations at the ends of the traverse are

mE mN
A 375.369 543.008
B 264.507 604.938
X 601.624 404.041
Y 698.076  384.945

Calculate the adjusted coordinates of stations 1-4 and the fractional linear
misclosure for the traverse.

Solution
The complete solution is given on the traverse form shown in Table 6.9. On the form
the following should be noted:

® All the usual checks have been applied to the calculation.

® The solution follows the direction A to X as this will give the observed angles as
left-hand angles.
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281°12'40"

B w. - 115°3717" 79 242°53'39"

80°26'24" 173°31'03"
89. ——->Y
916 m X
Figure 6.28 ® Diagram for Worked example 6.5: Link traverse.

® When link traversing, the initial back bearing at the start of the traverse and the final
forward bearing at the end of the traverse may either be given directly or implied by the
coordinates of existing control stations. In this case, coordinates are given and it is
necessary to compute these bearings using rectangular to polar conversions.
— Initial back bearing AB is in quadrant IV and is given by

[ AEAg
AB

Oap = tan-!

} +360°=299°11'19"

— Final forward bearing XY is in quadrant II and is given by

fxy = tan-1 AEXY} +180° = 101°11'56"

XY

® The sum of the observed angles is 1062°00'14". The required sum is given by

(final forward bearing — initial back bearing) + m x 180° = (101°11'56" —
299°11'19") + m x 180° =-197°59'23" + m x 180°

— The value of m will be (n - 1), n or (n + 1), where n is the number of left-hand
angles (n = 6 for this traverse) and it is obtained by assuming that no gross error
was made when measuring the left-hand angles and that their actual sum is
approximately correct. In this case, the value of m needed to give a required sum
close to 1062°00'14" is m = 7 = (n + 1) and the required sum of the left-hand
angles is

-197°59'23" + 7 x 180° = -197°59'23" + 1260° = 1062°00'37"

— This gives an angular misclosure of 1062°00'14" - 1062°00'37" =-23". The adjust-
ments are applied as equally as possible to the nearest second as A = +4", 1 = +4",
2=+4",3=+4",4=+44"and X = +3".

223



1-2 403 07 55 43 | 07 | 55 77.388 +52.909 +56.476 +0.003 -0.002 +52.912 +56.474 496.365 647.486
2-1 223 07 55

2 281 12 44
2-3 504 20 39 144 | 20 | 39 130.684 +76.178 | -106.185 +0.004 -0.002 +76.182 | -106.187 | 572.547 541.299
3-2 324 20 39

3 242 53 43
3-4 567 14 22 207 | 14 | 22 123.660 -56.600 | -109.946 +0.004 -0.002 -56.596 | -109.948 | 515.951 431.351
4-3 27 14 22

4 80 26 28
4-X 107 40 50 107 | 40 | 50 89.916 +85.669 -27.308 +0.004 -0.002 +85.673 -27.310 601.624 404.041
X-4 287 40 50

X 173 3 % SAE = 226. 2AN = = = Y= =
X-Y 461 11 56 101 | 11 | 56 | £=1504.952 237 -138.957 +0.018 -0.010 226.255 | -138.967

Sum of left-hand angles = 1062°00'14"
Required sum = (10T°11'56"-299°1119") + (7 x180°)

=-197°5923"+1260°=1062°0037"
Misclosure = -23" Adjustments are 5 x4" and 1 x 3"

e, =XAE - (E - E)=226.237 - (601.624 — 375.369) = 226.237 — 226.255 =-0.018
e,=ZAN - (N, - N,) =-138.957 - (404.041 — 543.008) = -138.957 - (-138.967) = +0.010

Linear misclosure = [(-0.018)” + (+0.010)*]"* = 0.021
Fractional linear misclosure = 1 in 504.952 + 0.021 =1 in 24,000




Traversing and coordinate calculations

® The misclosures in eastings and northings are given by
eg = XAE — (Ex —Ep) = 226.237 — (601.624 - 375.369) = -0.018
en = ZAN — (Nx —Np) = -138.957 — (404.041 - 543.008) = +0.010
— These are distributed using an equal adjustment.

® The fractional linear misclosure is 1 in 24,000 and is accepted.

Reflective summary W%E

With reference to traverse calculations, remember:

— The various stages in a traverse calculation are
e check and adjust the observed angles
e calculate all the forward bearings
e calculate the coordinate differences
e determine the fractional linear misclosure — reject or accept traverse
e calculate the final coordinates

— To avoid errors, it is recommended that all of these are tabulated in some form —
this will also make it easier to apply all of the arithmetic checks to the traverse
calculation.

— The procedures described in this section are for the manual calculation of a
traverse. Following the step-by-step instructions given aids an understanding
between bearings, distances and coordinates — for site surveying it is important to
develop this. After some experience has been gained calculating coordinates, it
may be more convenient to use one of the many commercial software packages
available for this. Another alternative is to use a total station with a traverse
program installed.

6.6 Traversing with total stations

After studying this section you should be aware that some total stations can be used
in traverse mode to measure, compute and store a set of on-site traverse coordinates
with a check and adjustment. You should also be aware that programs used for deter-
mining the coordinates of control points with a total station should not be used
unless the results obtained can be checked.

How to use a total station for traversing

The main advantage of using a total station for traversing is that angles and distances
are measured simultaneously at each station. This can reduce the time taken for a
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Figure 6.29 ® Traverse measurements with a total station.

survey, and because they can carry out coordinate calculations, another advantage of
the total station is that it is possible to compute traverse coordinates at each station as
angles and distances are measured.

The procedure for doing this with a total station for the traverse shown in Figure
6.29 is as follows. The total station is set up at existing control point A and a back-
sight is taken to existing control point B. The coordinates of A and B are entered
into the instrument and the horizontal circle is orientated to display the whole-
circle bearing from station A to the backsight B. Following this, the total station is
rotated through angle A and station 1 is sighted on the traverse — the instrument
will now display the whole-circle bearing along line Al. The horizontal distance
Dq is measured and the coordinates of station 1 are calculated by the total station.
The instrument is moved and set up at station 1, point A is sighted as a backsight
and the horizontal circle is orientated along this direction. By rotating through
angle A, to sight station 2 and by measuring distance D,, the coordinates of sta-
tion 2 are obtained. The instrument is now moved to station 2 and the process is
repeated to give the coordinates of the next station. To end the traverse, measure-
ments are taken from the last traverse station to a closing point C whose coordi-
nates are known. As soon as this is done, the total station will display the
misclosures in easting ep and in northing ey for the traverse, and if these are ac-
cepted it will adjust the coordinates of the traverse stations. Because an on-site cal-
culation and check of the traverse can be carried out, any errors in the traverse can
be corrected immediately before leaving the site. All of the coordinates for the tra-
verse are stored by the total station using its internal memory, data collector or
field computer.

It is also possible to measure three-dimensional traverses with a total station. In this
case, the heights of the first control point A and those of the closing point C are
entered into the total station together with each instrument and reflector height as
individual measurements are taken. Heights are then calculated for each station in
the traverse and these are checked at point C. As with the eastings and northings, if
the misclosure in the heights is accepted, they are adjusted and then stored by the
total station.

Some traverse programs allow the user to fix the positions of additional points
along the traverse called side shots. To coordinate these, the side shot point is sighted
in between the backsight and next station (see Figure 6.30) and the distance is
measured to it. The instrument will calculate the coordinates of the point and store
these. As side shots are not part of the traverse, there is no check on the coordinates
obtained and they should not be used to determine the positions of control points.
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Another feature found on some total sta-
tions is radial traversing. This is simply an ex-
tension of the coordinate measuring
program and is carried out by setting up the
total station at an existing control station
and orientating onto another. Further points
are then coordinated by measuring a dis-
tance to them and using polar to rectangular
conversions to compute their coordinates.
Although this offers the ability to coordinate
a series of control points much more quickly

Main traverse

Side shot point than by conventional traversing, the draw-
Figure 6.30 @ Side shot (courtesy Leica  back of radial traversing is that it is only pos-
Geosystems). sible to check the results obtained by

measuring the distances between the points
surveyed. As this can involve as much work as ordinary traversing, the need for
checking cancels the advantage of a single station set up. While every opportunity
should be taken to make full use of a total station, any field procedure used to determine
the coordinates of control points with a total station that does not include an independent
check should not be used.

The Missing Line Measurement (MLM) software option installed in many total sta-
tions allows a user, from a single instrument position, to determine the horizontal
distance and height difference between a start point and a series of subsequently se-
lected points. In Figure 6.31, points 1 and 2 are sighted and the distances and circle
readings to them recorded at the instrument station. The MLM program then com-
putes the horizontal distance D1y and height difference Ahi, between these two
points. If the distance and circle reading to a third point are included in the sequence,
the total station can display D13 and Ahy3 (radial MLM) or it can display D3 and Ahy3
(continuous MLM). Any number of points can be added to the sequence.

Instrument Instrument
station station

Figure 6.31 ® Missing Line Measurement (MLM): (a) radial; (b) continuous.
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Reflective summary W@E

S}
With reference to traversing with total stations, remember:

— If used properly, a total station is capable of measuring and computing a traverse
much quicker than by other methods. However, it is critical that a check is applied
by closing the traverse — if the total station does not allow the user to do this it
should not be used for traversing.

— When using a total station to fix the coordinates of a control point, always be
aware that without a check on any of the measurements taken, the coordinates or
other data obtained are not reliable.

6.7 Intersection and resection

After studying this section you should be aware that it is possible to locate the posi-
tions of additional control points from an existing network by performing an inter-
section or resection. In addition, you should also be able to calculate coordinates for
intersections and resections.

This section includes the following topics:

® Intersection

® Resection

Intersection

This is a method of locating a control point without occupying it. On construction
sites, prominent marks around a site, such as tall buildings, church spires and other
clearly defined features may be useful as control points during construction. It is
obviously not possible to set up an instrument at these but it is possible to obtain
their coordinates by using intersection. Since they are usually in elevated positions
they can be seen when the lines of sight to other control points at ground level
become obscured as construction proceeds.

In Figure 6.32, A and B are points in a control network with known coordinates
(Ea, Na) and (Eg, Np). To coordinate unknown point P which lies at the intersection
of the lines from A and B, a total station or theodolite is set up at A and B and the hori-
zontal angles o and 8 are observed. The coordinates of P can be calculated by a
number of different methods, two of which are given here.

Intersection by solution of triangle

In triangle ABP of Figure 6.32, the length and bearing of the baseline AB are obtained
from their coordinates and are given by rectangular — polar conversions as
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Figure 6.32 @ Intersection.

Dag =AEig + ANZp  Oap —tan‘{AEAB}

where AEAB = EB - EA and ANAB = NB _NA‘
The sine rule gives

sin o sin 8

De = sin(o + ) AB Dar = sin(o + )

AB

The whole-circle bearings in the triangle are given by

Oap =0ag + ¢ Ogp =0pp —f

These distances and bearings are used to calculate the coordinates of P along AP using
polar — rectangular conversions as

EP:EA+DAPSin9AP NP:NA+DAPCOSGAP
The calculations are checked along BP using

EP = EB + DBP sin OBP NP = NB + DBP COS 9BP

Intersection using the observed angles

If we adopt the clockwise lettering sequence used in Figure 6.32, the coordinates of P can
be obtained directly from

_ (Ng—Np )+ Ep cot B+ Eg cot o

Ep
cot o +cot
(Ep —Eg)+ Ny cot B+ N cot o
NP:
cot o +cot

A disadvantage of this method compared with solving the triangle is that there is
no check on the calculations.

Intersection from two baselines

When solving intersections using the formulae given above, it is not possible to
check the fieldwork because a unique solution is obtained for the position of point P.
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The method that should be used to detect errors in the observed angles and hence
errors in the coordinates of P is to observe the intersection from at least two baselines
and to determine the coordinates of the intersected point by solving two or more
separate triangles. If the differences between the sets of coordinates obtained are
small, it is assumed that no gross errors have occurred and the mean coordinates are
taken as the final values.

For all intersections, it must be realised that the accuracy of the coordinates
obtained depends to some extent on the shape of the intersection triangle and in
particular, the intersection angle between the lines of sight. To avoid any serious
errors from this, only well-conditioned intersection triangles should be used in which
the intersection angle is not less than 25°.

Worked example 6.6: Intersection from two baselines

Question
The coordinates of three control points S, A and L are as follows

mE mN
S 1309.652 1170.503
A 1395.454 1078.806
L 1268.855 1028.419

Calculate the coordinates of point B which has been located by observing the
following clockwise angles

AZS;B 122°21'43"
BAS 29°34'50"

LAB 39°01'16"
BLA 105°20'36"

Solution

Using the data provided, the layout of the stations and the observed angles are shown
in Figure 6.33. A diagram similar to this must be drawn for these calculations so that
all the control points and angles can be properly identified. For triangle SAB, the

S

122°21'43"

39°01'16"

105°20'36"

L
Figure 6.33 @ Intersection from two baselines.
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clockwise sequence SAB is equivalent to ABP in Figure 6.32 and the coordinates of B are
given by the angles method as

N, —Ng + Eg cotBAS+ E, cot ASB

E = =
B cot ASB + cot BAS
~1078.806-1170.503 + 1309.652 cot 29°34'50"+1395.454 cot 122°21' 43"
cot122°21'43"+ cot 29°34'50"
=1180.161m
N Eg —Ep +N5cotBAS+NAcotA§B
B =

cot ASB + cot BAS
_1309.652 —1395.454 +1170.503 cot 29°34'50"+1078.806 cot 122°21'43"

cot122°21'43"+ cot 29°34'50"

=1145.951m

For triangle ALB, the clockwise sequence ALB is equivalent to ABP in Figure 6.32 and
the coordinates of B are given by the angles method as

_ Np—Nj + Ex cOtBLA + E; cotLAB

E - =
B cotLAB + cotBLA
~1028.419 - 1078.806 + 1395.454 cot 105°20 36'+1268.855 cot 39°01' 16"
a cot39°01' 16"+ cot 105°20' 36"
=1180.146m
N, = Ea—Ep+ Ny cot BLA + Ny cotLAB
5=

cotLAB + cot BLA
_ 1395.454-1268.855 +1078.806 cot 105°20'36"+1028.419 cot 39°01' 16"

cot39°01'16"+ cot 105°20'36"

=1145.942 m

Since the two sets of results for Eg and Ny differ by 0.015 m and 0.009 m respectively,
no gross error has occurred in the observations and the final coordinates are the
mean values from the two sets, hence

Ep =1180.154 m Np =1145.947 m

Resection

This is a method of locating a point by taking observations from it to other known
control points in a network. Two types of resection are possible — angular resections in
which horizontal angles are measured and distance resections in which horizontal
distances are measured. Both of these are particularly useful for coordinating tempo-
rary control points on site which are called free station points because they can be
established anywhere convenient.
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Angular resections

These are used to coordinate a point by taking observations from it to existing
control points — an advantage of the method is that a resection can be done without
occupying any of the control points to which observations are taken. A good
example of this occurs on high-rise buildings when ground control is no longer avail-
able or cannot be transferred through to the upper floors. In this case, intersected
points can be fixed around the site prior to construction and used later as control for
resections as the building is constructed.

A point can be coordinated in an angular resection by observing angles from it to
at least three existing control points in a three-point resection, as shown in Figure 6.34.
In this, horizontal angles oand B subtended at the resection point P by control points
A, B and C are observed.

If the triangles ABC of Figure 6.34 are lettered clockwise, the coordinates of P are
given by

klEA +k2EB +k3EC N klNA +k2NB+k3NC
= P =

E
P k1+k2+k3 k1+k2+k3

where

L. cotA-cota  a=clockwise angle between directions PB and PC
1

ki =cotB —cot B B=clockwise angle between directions PC and PA
2

1 =cotC —coty  y=clockwise angle between directions PA and PB
3

A, BandC are the angles within the control triangle ABC.

yobserved or y=360° - (o + f3)

Figure 6.34 ® Three-point angular resection.
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It must be noted that if points A, B, C and P all lie on the circumference of the same
circle, the resection will be indeterminate — this will occur when A= Q, B-= B and
C=a-+ B. As well as this, if the control points A, B and C are co-linear, the resection
cannot be solved by this method. This will occur when the angles A, B and C within
the control triangle are close to either O or 180°. As with intersections, well-condi-
tioned triangles should also be used for angular resections so that any errors due to
poor geometry are avoided.

Worked example 6.7: Three-point resection

Question
At aresection point P, the following horizontal angles were observed to three control
points L, M and N:

LPN =112°1503"  NPM =126°42'41"  MPL =121°02'16"
The coordinates of L, M and N are

mE mN
L 571.895 684.528
M 613.076  439.187
N 780.004 644.132

Calculate the coordinates of point P.

Solution

Using the coordinates and angles provided, Figure 6.35 is sketched to show that P is
within the control triangle which is lettered clockwise as MLN. Taking the lettering
sequence MLN to be equivalent to ABC in Figure 6.34, the resection angles are

o = LPN =112°15'03"
B = NPM = 126°42'41"
y = MPL = 121°02'16"

Using rectangular to polar conversions, the bearings in triangle MLN are

Figure 6.35 ® Worked example 6.7: Three-point resection.
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Oy, =350°28 18"
O1p = 170°28 18"

O1x =100°59' 06"
O, = 280°59' 06"

Oxut = 219°09' 46"
By =39°09 46"

The angles in triangle MLN are obtained from these bearings as

M(= A) = Oy — O, = 39°09'46"-350°28'18" = —311°1832" = 48°4128"
L(=B) = 61y — 6 = 170°2818"-100°59'06" = 69°29'12"
N(=C) = Oy — Oxy =280°59'06"-219°09'46" = 61°49'20"

Check: M + L + N= 180°00'00"
The calculations for the coordinates of P are tabulated below.

Angle k E kE N kN
M(A) 48°41'28" 613.076 439.187
o 112°15'03"  kq = 0.7764432 476.0187 341.0038
L(B) 69°29'12" 571.895 684.528
B 126°42'41" k,=0.8929877 510.6952 611.2751
N(C) 61°49'20" 780.004 644.132
y  121°02'16" k3 =0.8791561 685.7453 566.2926
sk = SkE = SkN =
2.5485870 1672.4592 1518.5715
P 656.230 595.848

In a three-point resection, any errors that occur in the observed angles will not be de-
tected, and to provide a check more angles have to be measured. For most work, it is
sufficient to take observations to four control points and to use the additional angle
for checking purposes. This is shown in the following worked example.

Worked example 6.8: Four-point resection

Question

With reference to Worked example 6.7, suppose a fourth point R is observed where
ERr =828.172 m, Ny = 556.268 m and the horizontal angle NPR = 34°16'30". Use this
information to check the coordinates of P for possible mistakes in the fieldwork.

Solution

At the start of a four-point resection calculation, three out of the four control points
that give the best geometry are used to calculate the resection coordinates. In the
four-point resection worked example given here, control points N and R would not
be used together in the three-point resection because the angle between them is too
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M
Figure 6.36 ® Worked example 6.8: Four-point resection.

small. In this case, the decision has been made to use point R for checking purposes
only.

Figure 6.36 shows control point R in relation to the three-point resection
computed in Worked example 6.7. Taking the coordinates of P obtained from this
and those given for points N and R, the bearings along PN and PR are (by rectangular
— polar conversions)

OpN = 68°41'22" Opr = 102°57'48"
This gives
NPR = 6pg — Opy = 102°57'48" — 68°41'22" = 34°16'26"

Since the observed value of NPR = 34°16'30", the two values differ by only 4" and this
checks the observations and coordinates of P.

Distance resections

These are carried out on site using total stations. Shown in Figure 6.37, a total station
is set up at unknown point P and the horizontal distances Dpy and Dpgp to two
existing control points A and B are measured together with the horizontal angle «
subtended by the control points. Unlike an angular resection, it must be possible to
occupy the control points in this case and place reflectors at A and B.

To determine the coordinates of the total station at P, the distance and bearing
along AB are first calculated from their coordinates using rectangular — polar conver-
sions. Following this, all three angles in the triangle ABP are calculated using the
distances and the cosine rule — these can be checked by ensuring they sum to 180°
and by comparing the measured value of o with its calculated value. It is now possible
to compute the whole-circle bearings along AP and BP and these are used, with the
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Control point 2

Control point 1 (E2, N2)
(E1, N1)
A B
Dy D;
Dpa Dpg
o A
Instrument station

P (Es, Ns)

Figure 6.37 ® Distance resection. Figure 6.38 @ Free stationing (resection): £y, Nj

and E», Ny are entered into total station and D,
D, with A are measured. Instrument then calcu-
lates and displays Es and Ns.

measured distances, to calculate the coordinates of P as an intersection by solution of
triangle.

To check the fieldwork and calculations, a second resection can be observed and
calculated using different control points. On site, it is normal practice to include a
third station and a resection is carried out with this and control point A or B.

The majority of total stations have an applications program installed for
performing distance resections — this program is usually called free stationing. Shown
in Figure 6.38, all the operator is required to do when using these is to enter the coor-
dinates of two control points and measure the distances to them - the instrument
will then calculate and display the coordinates of the instrument position. As with
other coordinate programs, if the heights of the control points and the reflectors are
also entered into the total station together with the instrument height, the height of
the instrument position can be calculated and displayed.

When using a total station for a distance resection, it is essential to check the coor-
dinates obtained by performing a second resection.

Reflective summary W@E

S
With reference to intersection and resection, remember:

— The fieldwork for an intersection is fairly straightforward and involves measuring
horizontal angles only from known control points to fix the position of a new
point.

— An advantage of intersection is that the point sighted (whose position is being
determined) does not have to be occupied. This enables the coordinates of clearly
defined landmarks surrounding a site to be determined — these can be very useful
for setting out.
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— Although it involves more fieldwork, it is good practice to check the fieldwork and
calculations for an intersection by observing and computing it using two or more
baselines.

— Like an intersection, the fieldwork for an angular resection involves measuring
horizontal angles, but in this case to known control points from the unknown
point in order to fix its position. Resection can be very useful for establishing free
station points on congested sites.

— Itis essential that at least four control points are observed in an angular resection
so that it is possible to check the fieldwork and calculations.

— A total station is used for taking the measurements required for a distance resec-
tion — it also calculates the coordinates of the resection point but uses on-board
software for this.

6.8 Control networks

After studying this section you should be aware that traversing is only one of several
methods that can be used for providing survey control on site. You should also be
familiar with the concept of working from the whole to the part and have an under-
standing of the terms primary and secondary control.

Extending control into networks

As an alternative to traversing, the positions of control points for a construction
project can be fixed using a network.

A triangulation network consists of a series of single or overlapping triangles as
shown in Figure 6.39, where the vertices of each triangle are the positions of control
points. As shown in earlier sections of this chapter, it is necessary to know the angles
formed by these triangles and the lengths of the sides of the triangles so that the coor-

A

J
Figure 6.39 @ Triangulation network.
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Traverse Network
Figure 6.40 ® Comparison of traverse and network observations for the same set of control
points.

dinates of the points can be computed. In this case, position is determined by
measuring all the angles in the network and by measuring the length of a baseline
such as AB in Figure 6.39. Starting at this baseline, application of the sine rule in each
triangle throughout the network enables the lengths of all the triangle sides to be
calculated. To check the calculation of distance, another baseline is measured (say HJ
in Figure 6.39) and this is compared with its calculated distance.

A trilateration network also takes the form of a series of single or overlapping trian-
gles, but in this case position is determined by measuring all the distances in the
network instead of all the angles. To enable the control point coordinates to be calcu-
lated, the measured distances are combined with angles derived from the side lengths
of each triangle using the cosine rule.

A combined network (or simply a network) is a control scheme in which a mixture of
both angles and distances are measured, usually with a total station. Figure 6.40
shows a small scheme consisting of six control points and the differences between a
traverse and a network.

Although control networks could be made up entirely from a chain of single trian-
gles, it is often better to use more complicated figures such as braced quadrilaterals and
centre-point polygons, as shown in Figure 6.41. Clearly, compared with traversing or a
network consisting of simple triangles, these figures involve taking far more measure-
ments and the subsequent computation of position with them is much more compli-
cated. However, the advantage of incorporating figures more elaborate than simple
triangles in a control scheme strengthens the network by increasing the number of re-
dundant measurements taken, which enables more checks to be applied to the mea-
surements and a better estimate of the accuracy of the results to be obtained.

When calculating the coordinates of points in a network, a special procedure
known as least squares is used. If set up correctly, this produces a unique set of coordi-
nates for the control points no matter how complicated the network. In addition to
computing the coordinates for the network, it is also capable of providing a complete
analysis of the positional accuracy of each coordinated point. This information can
be used to check that the survey has met its specification and to detect errors in the
observations. To compute coordinates and make full use of the advantages of least
squares, a computer and software are required because the complicated nature of the
calculations makes a manual calculation very difficult and time-consuming.
Although it is possible to develop in-house software for network analysis and compu-
tation of coordinates by least squares it is seldom worth doing so, as there are many
reasonably priced commercial packages available. Least squares computations are
discussed in more detail in Section 9.5.
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Chain of triangles

A A

Centre-point triangle

W K

Braced quadrilaterals
Centre-point polygon
Figure 6.41 ® Network figures.

On small construction sites, traversing is a very popular method for locating the
positions of control points. However, as the size of the site increases, a network of
some sort is usually required to locate the positions of control points because these
are better at maintaining accuracy over larger areas. Some control schemes are
networks combined with traversing — an example of this is the control that was estab-
lished for the construction of Munich Airport. Shown in Figure 6.42, this consists of a
network of points with an average distance of about 1 km between stations in which
all the angles and distances were observed to obtain as many redundant measure-
ments as possible. As can be seen, this network incorporates many braced quadrilat-
erals, centre-point polygons and overlapping figures to strengthen it. For setting out
purposes, a much higher density of control points was required and the positions of
these were obtained by link traversing between control points on the network to give
a point-to-point separation for setting out of about 60 m. The advantage of this
system was that the control points required for setting out were only surveyed at the
time when they were needed, depending on the work in progress.

This approach to control surveys follows the well-established method in surveying
of working from the whole to the part. In this, primary control is established first from
which secondary control is fixed. Primary control consists of a framework of points
which are surveyed as accurately as possible — the number of these is kept to a
minimum to reduce the chance of unacceptable errors occurring and then propa-
gating through a network. Secondary control is not as accurate and uses the primary
control as reference points — this is either a higher density network or a series of
traverses measured between the primary control points. The secondary control can
then be used for mapping, detail surveying, setting out and so on. This process
ensures that errors throughout a survey are kept to a minimum, especially when it
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Figure 6.42 ® Control network for Munich Airport (courtesy Leica Geosystems).

covers a large area. Primary and secondary control and the specifications for these are
discussed further in Sections 9.4 and 11.3.

The primary network surveyed for the Channel Tunnel project during the 1980s is
shown in Figure 6.43. This network is clearly much larger than the one used at

10 20 30 km

Figure 6.43 ® Primary network for Channel Tunnel.
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Munich Airport and many special techniques were used to measure all the angles and
distances involved. From this, secondary and site control was established for
construction work in England and France but using a common coordinate grid. Even
though traditional methods of measurement were employed on this project
(including theodolite and electromagnetic distance measurement), a network of this
size would be observed using GNSS methods today. However, the principle of
working from the whole to the part still applies, and primary control is established
first for a GNSS control survey followed by secondary control.

Reflective summary W@E

S
With reference to control networks, remember:

— As well as traversing, the positions of control points on site can also be fixed using
a network.

— The advantage of a network is that it enables a better accuracy than traversing to
be achieved as the size of the construction site gets larger. The disadvantages are
that more fieldwork is required and a computer and special software are needed
for calculating the coordinates of the control points.

— For small construction sites and projects that extend to about a kilometre, use
traversing for establishing control. For medium-sized projects that extend for a
few kilometres in size, a network can be used. For any site bigger than this, use
GNSS for establishing control. Clearly, these boundaries can overlap depending
on the nature of the project.

— Whatever method is used to establish survey control on site, working from the
whole to the part is essential. Always use primary and secondary control to main-
tain accuracy.

Exercises

6.1  Explain how rectangular coordinates are converted into their polar
equivalents in a rectangular — polar conversion.

6.2  Explain how a bearing and distance can be converted into rectangular
coordinate differences using a polar — rectangular conversion.

6.3  Describe how a total station can be set up to measure coordinates.

6.4  Explain what a coordinate transformation is and why these are needed in
surveying.

6.5 What is the purpose of a reconnaissance in a control survey?

6.6  How is it possible to check the measured angles in a polygon and link
traverse?
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6.7

6.8
6.9

6.10

6.11
6.12

6.13
6.14

6.15

6.16

6.17

6.18

List the various ways in which a control point can be marked — which of
these are considered to be short duration and long duration?

What is three-tripod traversing and why is it used?

Discuss the various options available for defining a north direction on a
coordinate grid.

What is the fractional linear misclosure for a traverse and how is it
calculated?

Describe how a total station can be used for traversing.

Discuss the various sources of error that can occur when measuring traverse
angles and distances.

How does an intersection differ from a resection?

Discuss the importance of checking traverse and other coordinate
measurements taken with a total station.

As they have not been used for some time, the coordinates of three control
points A, S and T are to be checked by measuring the internal angles and
lengths of the triangle AST. Using the coordinates given below, calculate
the required angles and distances.

Point mE mN

A 1507.319 632.017
S 1635.904 725.769
T 1738.612 627.301

(Hint: To solve this problem, calculate rectangular — polar conversions along each
line of the triangle. This gives the distances. To calculate the internal angles use
the bearings obtained where angle A = bearing AT — bearing AS and so on)

For the polygon traverse shown in Figure 6.44, calculate

(i)  the angular misclosure and adjust the angles

(ii) the bearing of line HA from the coordinates of H and A and the bearing
HR

(iii) the forward bearings of all the other lines (choose the direction of
computation to be HTPEWRH so that the internal angles shown are left-
hand angles)

(iv) the coordinate differences of all the lines (adjust any misclosure by the
Bowditch method)

(v) the fractional linear misclosure

(vi) the coordinates of the unknown stations

For the polygon traverses shown in Figure 6.45, calculate the coordinates of
the unknown stations and the fractional linear misclosure.

The measured angles and distances for a link traverse MABCP are shown in
Figure 6.46. The coordinates of point M are 207.120 mE, 526.063 mN and
those of point P are 651.008 mE, 699.120 mN. Line MN has a whole-circle
bearing of 241°17'35" and line PQ has a whole-circle bearing of 153°00'55".

Calculate for this traverse
(i)  the angular misclosure and adjust the angles
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312°06'50"

o=1_27°03'00" 101°17'20"

126.589 m
w
Station mE mN
H 315.450 175.117
A 356.413 111.791

Figure 6.44 ® Traverse diagram for Exercise 6.16.

(ii) the forward bearings (choose the direction of computation to be
MABCP so that the angles shown are left-hand angles)

(iii) the coordinate differences (adjust any misclosure equally)

(iv) the fractional linear misclosure

(v) the coordinates of stations A, B and C

The abstract for a link traverse 2PQRS4 is shown in Figure 6.47. Use this to
calculate the coordinates of stations P, Q, R and S and the fractional linear
misclosure for the traverse.

A new 100 m x 40 m warehouse is to be set out from four traverse stations
A, B, C and D that were used in the site survey. However, all design
coordinates are to be based on a new structural grid aligned with the
warehouse and not the coordinate grid adopted for the site survey.

Using the data given below, calculate

(i)  the transformation parameters to convert coordinates from the site grid
to the structural grid

(ii) the coordinates of B and D on the structural grid

Station  Site survey Structural grid

mE mN mE mN
A 150.000 350.000 109.515  251.780
B 424.887 510.985
C 467.804 288.117 329.456  14.175
D 234.100 128.848
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Station mE mN

w 293.457 214.601

T 403.115 276.037

X 87.951 H

110°50'05" 108°30'10"

274°23'25"

W
T
Station mE mN
W 175.148 180.500
H 72.727 111.209

Figure 6.45 ® Traverse diagrams for Exercise 6.17.

6.21 In order to provide extra control on a construction site, the coordinates of
two targets T; and T, located at the top of nearby buildings are obtained by
intersection from control points A, B and C. Using the data given below,
calculate the coordinates of T1 and T».
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250°47'05"

274°4115"

260°43'05"

Figure 6.46 ® Traverse diagram for Exercise 6.18.

Station mE mN 1
1 622.978 607.679

2 719.550 524.356 162°33'24"
4 478.806 413.775
5 451.456 559.077

280°11'47"

108.521 m

160°22'45"
269°52'31" 194°27'10"

Figure 6.47 ® Traverse diagram for Exercise 6.19.

231°05'55"

Point mE mN Observed angles

A 195.002  344.901 T{AB=123°51'06" TyAB = 79°48'48"

B 176.600  227.615 ABT; =28°01'18" ABT, = 58°17'53"

C 357.646  193.511 T{BC =63°43'48" T»BC = 33°27'06"
BCT = 63°57'05" BCT, = 68°23'45"

6.22 A free station point P is established on site by taking observations to four
control points H, L, M and N. Using the data given below, calculate the
coordinates of point P.

Point mE mN Angle Observed value
H 314.202 422.788 HPL 24°28'09"

L 321.360 528.885 LPM 27°45'46"

M 414.763  566.583 MPN 49°46'28"

N 548.670  452.733

(Hint: To solve this problem, calculate a three-point resection using control points
H, M and N for the best geometry — then use point L as a check)
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6.23 A distance resection is carried out at point P to two control points A and B.
Calculate the coordinates of P using the data given below.

Point mE mN Measured distances and angle
A 379.588  758.723 PA=158.635m PB =208.272 m
B 411.800 572.850  APB = 60°05'00"

(Note: The approximate position of P is 240 mE, 690 mN)
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After studying this chapter you should be able to:
® Describe how Global Navigation Satellite Systems (or GNSS) have
developed and the impact they have had on engineering surveying
® Explain how the Global Positioning System (or GPS) can be used to take
code and phase measurements to determine position and be able to
explain the difference between these
® |dentify the various sources of error in GPS and explain how each of these
affects the accuracy obtained
® Understand the reasons why differential and relative methods are
essential for high precision surveying with GNSS
® Qutline the methods involved when performing static and kinematic
surveys with GNSS
® Distinguish between the different types of GNSS receivers and systems
currently available and be able to find further information to help choose
one of these for engineering surveys
® |[dentify the main applications for GNSS in civil engineering and
surveying
® Keep up with developments in GNSS and network RTK
. J
This chapter contains the following sections:
7.1 The development of GNSS 248
7.2 Components of GNSS 251
7.3 GPS positioning methods 256
7.4  Errorsin GPS 261



248

Surveying for engineers

7.5 Differential and relative GPS 269
7.6 Surveying methods used with GNSS 275
7.7 GNSS instrumentation 285
7.8 GNSS in engineering surveying 290
Exercises 300
Further reading and sources of information 302

7.1 The development of GNSS

After reading this section you should know that the term Global Navigation Satellite
Systems (GNSS) refers to the Global Positioning System (GPS) and all of the other
satellite positioning systems currently in use and under development. You should
also understand the reasons why GPS was originally planned and developed. This
section includes the following topics:

® Global Navigation Satellite Systems
® NAVSTAR GPS

Global Navigation Satellite Systems

Alongside conventional methods of surveying using instruments such as levels,
theodolites and total stations, surveyors and engineers now use satellite surveying
systems for many routine applications on site. Developed by the USA, the Global Po-
sitioning System, or simply GPS, is the predominant satellite surveying system in use
at present and this is something that is now familiar to most people. Today, walkers
can use a handheld GPS receiver, as shown in Figure 7.1, to locate their position on a
chart or map, and motorists can have a dashboard mounted display for this — many
different versions of these devices are now available. GPS has found widespread use
in aviation, navigation, scientific areas such as weather prediction and oceanogra-
phy, and for locating features in Geographic Information Systems. It is used in site
surveying for everyday tasks ranging from control surveys and setting out to machine

Figure 7.1 ® Garmin GPSmap 60C GPS receiver (courtesy Garmin Ltd).
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Figure 7.2 @ Surveying with GNSS (courtesy Trimble & KOREC Group).

control. However, compared to conventional methods of surveying, which rely on
the measurement of heights, angles and distances taken by observing with levels,
theodolites and total stations, GPS is very different, as a receiver determines and then
displays the three-dimensional coordinates at each point surveyed. The GPS equip-
ment used when surveying is more sophisticated than a handheld receiver and is usu-
ally pole-mounted, as shown in Figure 7.2: these receivers and their software can
display coordinates at the centimetre level.

Because the use of GPS for positioning in surveying and in many other everyday
applications has been so successful, more satellite networks are now in use or are
planned. These include the GLObal NAvigation Satellite System (GLONASS), the Rus-
sian version of GPS; the European Union’s Galileo system; and China’s Compass sys-
tem. Of these, GLONASS is operational but the full constellation of satellites is not yet
launched, whereas Galileo and Compass are under development. All these satellite
positioning systems are known collectively as Global Navigation Satellite Systems,
abbreviated to GNSS.

As GPS is the most widely used GNSS, this will be described in more detail than the
others in the following sections.

NAVSTAR GPS

Designed primarily for military users, GPS is managed and under the control of the
United States Department of Defense (DoD). The development of GPS began in the
early 1970s and evolved from the US space programme. At this time, the DoD de-
cided that it wanted a worldwide navigation and positioning system for passive mili-
tary users (passive because users should not transmit anything, as they might be
detected), and a system that could be denied to an enemy and have unlimited users.
It was to operate in real time for all military applications, varying from the infantry (a
soldier with a receiver in a backpack or handheld device) through to aircraft naviga-
tion and missile guidance systems. The development of the NAVSTAR (NAVigation
Satellite Timing And Ranging) Global Positioning System began in 1973, with the
first satellite being launched in 1978; it was fully operational by 1993. The potential
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for civilian use of GPS was quickly realised by the surveying and navigation profes-
sions, and applications were soon recognised and hardware and software developed
for these.

With GPS, it is possible to obtain a position (as three-dimensional coordinates)
anywhere on the Earth at any time of the day or night in any weather conditions by
receiving and processing signals from orbiting GPS satellites. To do this, the orbits of
the satellites are always known and broadcast to the user. To locate position, a GPS re-
ceiver determines the distances to a number of satellites, which are the equivalent of
orbiting control points; a computer then calculates the three-dimensional coordi-
nates of the user. In some respects, GPS position is determined in a similar manner to
a distance resection (as described in Section 6.7) in which distances are measured at
an unknown point to control points whose coordinates are known. However, GPS is
very different compared with conventional (or terrestrial) surveying.

Since GPS is a passive system and users simply receive GPS signals, there is no limit
to the number of GPS receivers that can use GPS signals at the same time without
overloading the system — this is a similar situation to TV and radio, where millions
can tune in at any time without affecting the broadcast. This is a big advantage for a
large-scale position-fixing system, but because of this GPS signals are complex, and
receivers must be capable of collecting a large amount of information to be able to
determine position.

The theoretical and scientific backgrounds to GPS and the other GNSS are very
complicated and a full knowledge of these is not needed to be able to use GNSS in en-
gineering surveying. However, while those using satellite surveying systems for con-
struction work are not expected to be GNSS specialists, they do need to know enough
about it to assess where GNSS is useful on site and what its advantages and limitations
are. This chapter covers the operating principles of GNSS, the equipment available
for survey work and the field procedures and applications it has on site. Chapter 8
gives details of the way in which GNSS coordinates are defined and how these are
transformed for use on site.

Reflective summary W%L

3
With reference to the development of GNSS, remember:

— Although there will be several Global Navigation Satellite Systems in use eventu-
ally, the Global Positioning System is the predominant GNSS.

— The operation of GPS is the responsibility of the United States Department of De-
fense and it is under military control at all times.

— GPS(GNSS) is very different from conventional (or terrestrial) surveying, and new
ways of surveying have to be learnt in order to use it properly.

— Although anyone who uses GNSS does not have to have an expert knowledge of
them, in order to understand their advantages, limitations and best applications
on site, some of the basics of GNSS should be learnt.
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7.2 Components of GNSS

After studying this section you should know that the space segment of GPS is the sat-
ellite constellation and the control segment consists of a series of tracking stations
and control centres. You should be aware of the function that each of these fulfils
and be aware of the information that each satellite broadcasts. You should know that
in addition to GPS, there are several other satellite navigation systems being de-
ployed or under development.

This section includes the following topics:

® GPS segments
® GPS signal structure

® Additional satellite surveying systems

GPS segments

Each GNSS consists of three segments, called the space segment (the satellites orbit-
ing the Earth), the control segment (stations positioned around the Earth to control
the satellites) and the user segment (anybody that receives and uses a GNSS signal).
The segments of GPS are described in this section.

The space segment of GPS consists of a minimum of 24 satellites, all of which are in
orbits 20,200 km above the Earth with an orbital period of 12 sidereal hours. Because
the sidereal day is slightly longer than the solar day, it appears to an observer on the
Earth that the satellites return to the same positions four minutes earlier each day.
This has practical implications, as a good satellite configuration for observations on
one day may change to a less favourable one on the following and subsequent days.
Great care was taken when designing the GPS satellite constellation, as it is necessary
to have the optimum satellite coverage on the Earth from the minimum number of
satellites. To achieve the best coverage, the satellites are located in six orbital planes
spaced equally around the plane of the equator, but inclined at 55° to the equator.
The satellite constellation is shown in Figure 7.3.

Figure 7.3 ® GPS satellite constellation (courtesy Leica Geosystems).
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Various generations (blocks) of GPS satellites have been launched. There are no op-
erational Block I satellites today, and most currently in use are Block IIA, IIR and IIR-M
satellites, where the R stands for replenishment. The generation of GPS satellites cur-
rently being launched are known as Block IIF satellites where the F stands for follow-
on. A further generation known as Block III satellites are also being deployed.

As the accurate measurement of time is essential in GPS, each satellite is fitted with
up to four atomic clocks. Block IIA satellites have caesium or rubidium clocks on
board with extremely high accuracies of up to 1in 1012 whereas the later satellites use
highly stable hydrogen maser clocks with an even better accuracy of 1 in 1014,

A number of tracking stations at fixed locations around the world form the control
segment of GPS. The Master Control Station (MCS) is located in the Consolidated
Space Operations Center (CSOC) at Schriever Air Force Base near Colorado Springs in
the United States. An alternative MCS is located at Vandenberg Air Force Base in
California.

To be able to position accurately with GPS, the exact position of each satellite has
to be known at all times (remember that the satellites are in effect the GPS control
points). This relies on very accurate orbital data and very accurate timing so that a re-
ceiver can calculate the position of a satellite at a given time. As they orbit the Earth,
the satellites are subjected to the varying gravitational attraction of the Earth, the at-
tractions of the Sun and Moon and solar radiation pressure. All of these cause the sat-
ellite orbits to change with time, and these have to be measured and predicted by
some means. Despite their phenomenal accuracy, the satellite clocks drift and they
must be kept synchronised with GPS time as defined at the CSOC. To ensure that ac-
curate orbital data is used, a network of tracking stations around the Earth continu-
ously monitors all of the GPS satellites in view at all times and this orbital data is
relayed to the MCS, where it is used to predict future orbits for the satellites. As well as
this, the clock in each satellite is also monitored and compared to GPS time to enable
corrections to be computed in order to keep the satellite clocks in step with GPS time.
The predicted satellite orbital positions (which are known as ephemeris predictions)
and satellite clock corrections computed at the MCS are sent to ground antennae at
the tracking stations, where this information is uploaded to the satellites every two
hours and then broadcast via the GPS satellites to users of the system. This enables
each GPS receiver to determine the positions of the satellites at any given time.

The user segment of GPS consists of anyone, civilian or military, who uses a GPS re-
ceiver to determine their position. As already noted, there is now an extensive civil-
ian GPS community and as far as construction work is concerned, GPS is used for
control surveys, mapping, setting out, machine control, monitoring and
measurement of volumes.

GPS signal structure

Satellites in the various GNSS constellations continuously broadcast electromagnetic
signals that are in the L-band used for radio communication.

The precise atomic clocks in the GPS satellites have a fundamental clock rate or fre-
quency fp of 10.23 MHz and the L1 and L2 frequencies assigned to GPS are derived
from the atomic clocks as L1 = 154 x fy = 1575.42 MHz and L2 = 120 x f = 1227.60
MHz. Both the L1 and L2 signals act as carrier waves and have information modu-
lated onto them that can be used by a GPS receiver to determine position. Unlike to-
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tal stations which use intensity modulation for measuring distances using a laser or
infrared carrier wave (this is described in Section 5.2), GPS uses phase modulation on
the two L-band waves.

A navigation code or message is also modulated on both the L1 and L2 carriers. This
has a low frequency of 50 Hz and contains various sub-frames of information,
including:

® A clock correction — remember that the tracking stations in the ground segment
measure and upload this correction to each satellite and rather than keep altering
the atomic clock to keep it in step with GPS time, a correction is applied by a GPS
receiver to determine GPS time at the satellite.

® Satellite ephemeris or orbital information - this is obtained from the data collected
by the tracking stations and a prediction computed by the MCS at Colorado
Springs.

® Atmospheric correction data from the tracking stations.

® An almanac which tells a receiver how to find all the other satellites — this is not the
same as the orbital information above and only gives a receiver enough
information to track another satellite, not to compute its position.

® Satellite health data for each satellite which informs a GPS user of any malfunction
on any satellite before a receiver tries to use that particular satellite.

As well as the navigation code, two binary codes are continuously modulated onto
the L1 signal; these are called the Coarse/Acquisition or C/A code and the Precise or P
code. They are not the same as the data contained in the navigation code and are not
uploaded to the satellites by the control segment — they are continually broadcast by
each satellite and are processed by a GPS receiver to obtain the raw data for time and
distance measurements. Both of these codes are known as Pseudo-Random Noise or
PRN codes and although they appear to be random they are generated in known
sequences that can be replicated.

Each satellite broadcasts a unique C/A code on the L1 carrier at a rate of 1.023 mil-
lion bits per second (Mbps or a frequency of fj +10 = 1.023 MHz), and this is repeated
every millisecond. Because this gives a chip length (equivalent to one bit of informa-
tion) of 293 m, this means that measurement of distance on the C/A code is carried
out using a wavelength of 293 m. As the C/A code can be accessed by anyone with a
GPS receiver, it is known as a civilian code or signal.

There is only one P code, which has a frequency of 10.23 Mbps (frequency of f, =
10.23 MHz and chip length 29.3 m) which consists of 37 one-week segments. This is
available on both the L1 and L2 carriers and each satellite broadcasts a different por-
tion of the P code. GPS satellites are identified according to which portion of the P
code they transmit; for example, satellite PRN 10 (or SV 10 where SV = Space Vehicle)
has week 10 of the P code assigned to it. Remembering that GPS was primarily de-
signed for military applications, the P code is almost always encrypted by the DoD
and changed to a secret Y code that can only be read by users approved by the US mil-
itary and by using special GPS receivers. This is known as anti-spoofing (AS), but many
of the manufacturers of civilian GPS equipment have designed receivers that can ac-
cess some of the P code and take measurements with it even when the Y code is in
operation.
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Figure 7.4 ® GPS signal structure (courtesy Leica Geosystems).

The relationship between the various GPS signals and the fundamental frequency
is shown in Figure 7.4.

The L1 and L2 signals described above are transmitted by all of the Block IIA and
IIR satellites. The Block IIR-M satellites transmit the L1 signal with C/A and P codes,
but a second civilian signal is added to L2 and this is known as the L2C signal. As the
Block IIF satellites are launched, a third civilian signal known as L5 will become avail-
able. The LS signal is designed primarily for transport safety but will also improve the
performance of GPS in other applications. Block IIF satellites will also broadcast the
L1 C/A code and L2C signal. A fourth civilian signal L1C is planned for GPS and this
will be transmitted by Block III satellites as these are launched.

Additional satellite surveying systems

As well as GPS, there are several other satellite navigation systems being deployed or
under development.

GLONASS is an abbreviation for the GLObal NAvigation Satellite System operated by
the Russian Aerospace Agency for the Russian Federation. The first satellite was
launched for GLONASS in 1982 and the system was at one time fully operational in
1995, when 24 satellites were in orbit. Following this, economic difficulties pre-
vented new satellites being launched to replace those going out of service and the
number of satellites dwindled to 10 at one point. However, there is a commitment
from the Russian aerospace industry to restore GLONASS to full operating capability.
In many respects, this is a very similar system to GPS and the full constellation of 24
satellites will orbit at an altitude of 19,100 km and have a period of 11 hours 15 min-
utes. The planned GLONASS constellation has three orbital planes at 65° inclination
to the equatorial plane of the Earth, such that five satellites will always be in view.
Each satellite transmits two L-band signals, the frequency of which is different for
each satellite, and instead of broadcasting satellite positions on the WGS84 coordi-
nate system, GLONASS uses the PZ90 reference frame.

Galileo is a new global navigation satellite system being developed by the European
Commission and the European Space Agency. In contrast to the military controlled
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GPS, Galileo will be operated by the European Union and will provide an accurate,
guaranteed global positioning service under civilian control. When fully deployed,
the system will consist of 30 satellites (27 operational + 3 spares) located in three me-
dium Earth orbit planes with an inclination of 56° at an altitude of 23,616 km and
with a period of 14 hours 22 minutes; each satellite will transmit six navigation sig-
nals. The ground segment will consist of two Galileo Control Centres located in Eu-
rope that will control the satellites and produce updates to navigation messages.
There will be a global network of 20 Galileo Sensor Stations continuously monitoring
the satellites, whose data will be sent to the control centres through a communica-
tions network. The exchange of data between the control centres and satellites is
accomplished using 15 uplink stations, again located around the globe.

Compass is a GNSS project being developed by China (it is also known as Beidou in
Chinese). This will be a constellation of 35 satellites which will include five geosta-
tionary orbit satellites and 30 medium Earth orbit satellites, all of which will provide
global coverage. Each satellite will transmit signals in the E-band using structures
similar to GPS, GLONASS and Galileo.

When all of these are fully operational, a user will be able to determine position
with the same receiver from all available satellites in all of these navigation systems.
Receivers that are capable of processing GPS as well as signals from other satellite sys-
tems are known as GNSS receivers. A combined constellation of over 100 satellites
will provide enormous benefits in global satellite surveying and receivers plus soft-
ware are in place or being developed to make full use of these.

Reflective summary W%E

S
With reference to compenents of GNSS, remember:

— GPS is organised into a space segment consisting nominally of 24 orbiting satel-
lites and the control segment consisting of an operations centre in Colorado, USA
and tracking stations situated around the world.

— When determining position with GPS, very accurate timing is required to ensure
that all measurements are synchronised with GPS time. This is the reason very ac-
curate (and very expensive) clocks are installed in each satellite.

— The signals broadcast by each satellite contain all the information a user needs to
determine position. The signal structure is quite complicated but it is made up of
two basic parts — PRN codes for determining distances and a navigation message
for determining the positions of the satellites.

— As new satellites are launched, more signals are being added to GPS to improve
its performance, especially for civilian users.

— As well as GPS, more satellite positioning systems such as GLONASS, Galileo and
Compass are planned. GLONASS, the Russian equivalent of GPS, is operational,
but the full constellation of satellites is not yet launched, whereas Galileo and
Compass are at an early stage of development.
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7.3 GPS positioning methods

After studying this section you should be aware that there are two basic methods for

determining position with GPS equipment — code ranging and carrier phase measure-

ments. You should understand how each of these is used to determine position and

you should appreciate the difference in accuracy that these are capable of producing.
This section includes the following topics:

® Code ranging

® Carrier phase measurements

Code ranging

To locate a position, a GPS receiver determines distances to a number of different GPS
satellites and then uses these to compute the coordinates of the receiver antenna. In
GPS, there are two observables that can be used to determine distance — pseudoranges
and the carrier phase. Most GPS receivers are capable of determining pseudoranges by
code ranging and this provides low-accuracy, generally instantaneous, point posi-
tions with handheld and GIS receivers. Carrier phase measurements are used in sur-
veying for high-precision work using GNSS receivers (these are sometimes called
geodetic or survey receivers).

Code ranging (also known as the navigation solution) is carried out with a single re-
ceiver. To determine the distance to each satellite in view, a receiver measures the
time taken for a PRN code (for example the C/A code on the L1 signal) to travel from a
satellite to the receiver and then calculates the distance or range R between the two as
R = cAt, where c is the signal velocity (the speed of light) and At is the time taken for a
code to travel from the satellite to the receiver (called the propagation delay). In the-
ory, the measurement of the propagation delay At requires the time at which a code
leaves the satellite to be determined as well as the time of arrival at the receiver. How-
ever, all measurements have to be taken by the receiver and it is difficult to measure
these times directly. To overcome this problem, the following method is used by a
GPS receiver when code ranging (note that the process described below refers to the
L1 C/A code only):

® All the satellites transmit the L1 signal, which includes an individual C/A code to
identify each satellite.

® When a receiver locks onto a satellite, the incoming signal triggers the receiver to
generate a replica C/A code which is identical to that transmitted by the satellite.

® The replica code is then compared to the satellite code in a process known as auto
correlation, in which the receiver replica code is shifted in time until it is in phase,
or correlated, with the satellite code.

® The amount by which the receiver-generated code is shifted is equal to the
propagation delay Af between the satellite and the receiver. Using this method to
determine the propagation delay avoids the need to measure the time of departure
and arrival of the C/A code.

® As before, multiplying At by the signal velocity ¢ gives the range R between the
satellite and the receiver.
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This method will only work if the C/A code transmitted by the satellite and the
replica C/A code generated by the receiver are synchronised with GPS time. As
already stated, all of the satellites are fitted with atomic clocks whose offsets from GPS
time are precisely known through the navigation message. Consequently, the C/A
codes transmitted by a satellite are synchronised exactly with GPS time. For practical
reasons, and because it would cost too much, it is not possible to install atomic clocks
in a GPS receiver. Instead, they have electronic clocks (oscillators) installed with
accuracies much less than those of atomic clocks. As a result, receiver clocks are not
usually synchronised with GPS time and the receiver-generated replica C/A codes will
contain a clock error. Consequently, the receiver is not able to determine At exactly,
and all distances (or ranges) it measures will be biased and are called pseudoranges — it
is essential that the clock errors in the receiver that cause these biases are removed
from measurements.

As well as pseudorange measurements, a receiver will also process the navigation
code, and from this it computes the position of each satellite it tracks at the time the
measurements are taken.

To compute position, the satellites are treated as control points of known coordi-
nates to which distances are determined using a receiver located at a point whose po-
sition is unknown. In Figure 7.5, the range R from point P to any satellite S can be
defined as

R=p+c(dt-dT)
where

R = the geometric range from satellite S to P
p = the pseudorange measured from satellite S to P
dt = the satellite clock offset from GPS time
dT = the receiver clock offset from GPS time

Since the satellite clock offset df can be modelled using data contained in the navi-
gation code, this equation reduces to R = p— ¢ dT.
The geometric range R is given by

S 0a0

Figure 7.5 ® Code ranging with GPS.
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R=(Xs — Xp)? + (Y —Yp)? +(Zs — Zp)?

in which Xs, Y5 and Zg are the known coordinates of the satellite and Xp, Yp and Zp
are the unknown coordinates of point P.
Combining the two equations for R gives a code ranging equation as

p—cdT =(Xs —Xp)? + (Ys —Yp)? +(Zs - Zp)?

If observations are taken to four satellites simultaneously, four code-ranging equa-
tions will be obtained and these can be solved to give the four unknowns: the receiver
coordinates Xp, Yp and Zp and its clock offset dT.

As can be seen, it is necessary to track and measure to at least four satellites in any GPS
survey. The satellite constellation described earlier makes this possible by placing the
satellites at high altitudes in six orbital planes so that position can be determined
anywhere on the Earth’s surface. However, tracking four satellites does not guarantee
that a position will be computed successfully, and sometimes more are needed.

This is a simplified model of pseudoranging and it is shown in the next section that
the distances determined from measurements taken to satellites are subject to several
other errors, as well as those due to timing.

Code ranging fulfils the original aims of GPS. Because it is possible to determine
the receiver clock error dT quite easily in this process, the quartz crystal clocks in GPS
receivers need not be as accurate as atomic clocks and this makes the receivers much
less expensive and suitable for field use. In any given navigation solution, the code-
ranging equations are solved many times using a computer and software installed in
the receiver — the operator does not have to perform any calculations and merely
reads the position displayed by the receiver in real time or records this.

When using GPS for code ranging, the C/A code broadcast on the L1 frequency al-
lows access to the Standard Positioning Service or SPS, which is used for many civilian
applications and has a three-dimensional accuracy of about 10-15 m. One of the ben-
efits of having several signals available on GPS is that the service is not easily denied
due to interference or jamming of the L1 signal and accuracy improves. If measure-
ments are taken using the L1 C/A code and the new L2C code, the accuracy improves
to 5-10 m and by adding the L5 code to both of these, it is anticipated that the accu-
racy of GPS code ranging will improve further to 1-5 m. To reflect the fact that GPS
coordinates, like other quantities in surveying, have a measurement uncertainty as-
sociated with them, this accuracy is quoted at the 95% probability level. This means
that 95% of the time, the results obtained from the SPS will be as good as or better
than 10-15 m but there is a 5% chance they may not be. For a general discussion of
errors in surveying and an explanation of the significance of probability in measure-
ments, see Chapter 9 Measurements, errors and specifications. The P (Y) code broadcast
on L1 allows access to the Precise Positioning Service or PPS which is much more accu-
rate. However, because of anti-spoofing only the military, equipped with special GPS
receivers, can read the P (Y) code directly.

Carrier phase measurements

Even with the planned improvements to the GPS signal structure, the accuracy of
code ranging is clearly inadequate for high-precision surveying, where accuracies at
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the centimetre level are required. In order to achieve such accuracies, it is necessary
to use a technique which involves carrier phase measurements. In this, a more accurate
form of measurement of the distance between a satellite and receiver is used based on
the phase measurement method used in electromagnetic distance measurement as
described for total stations in Section 5.2. In this, an electromagnetic wave (of wave-
length A) is transmitted between instrument and reflector and the distance between
these is given by NA + A4 in which NA is the whole number of wavelengths 1 in the
distance and AA is the fractional part of a wavelength in the distance. A total station
measures the fractional component of a distance AA by comparing the phases of sig-
nals transmitted and received by the same instrument. It determines N by measuring
the distance using different wavelengths.

The way in which a GPS receiver measures distances to satellites by this method is
as follows.

® Measurement of the fractional part of the carrier wavelength AA in the distance between
receiver and satellite
When determining AA with a GPS receiver, the modulated C/A codes could be